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Chapter 1

Evaluation of Liquefaction Hazards in
Washington State

1.1 INTRODUCTION

This Manual is intended to provide the Washington State Department of
Transportation (WSDOT) with guidance on the most practical, reliable, and consistent
methods for evaluating liquefaction hazards in Washington State. It is the result of an
ongoing research project conducted at the University of Washington under the direction
of Prof. Steven L. Kramer, and represents the combined efforts of Prof. Kramer and
several of his graduate students over an extended period of time. Through Prof. Kramer’s
involvement with the Pacific Earthquake Engineering Research (PEER) Center, several
important topics in this Manual also reflect the efforts of PEER researchers. The
approach to the entire research project has been to obtain and/or develop, as efficiently as
possible, the best possible information on which to base recommended procedures for

evaluation of liquefaction hazards.

The Manual is accompanied by a software package, the WSDOT Liquefaction
Hazard Evaluation System, which will be hereafter referred to as WSIliq. The WSliq
program is a unique computational tool that allows users to perform multiple
sophisticated analyses with less effort than is currently expended on less sophisticated,
less accurate, and less consistent analyses. The program implements several new
methods of analysis developed at the University of Washington under WSDOT support
and a number of widely used existing methods of analysis. The Manual provides
recommendations on how to use each of these analyses, but the WSIliq program allows
the user to combine their results in a manner that allows the attributes of each to be

realized.

The WSIiq program comes with a built-in database of earthquake ground motion

hazards across Washington State. By entering the latitude and longitude of any site, the



program will automatically compute ground motion hazard data, including relevant
deaggregation data, produced by U.S. Geological Survey probabilistic seismic hazard
analyses The program also provides mechanisms for expanding and/or updating the
ground motion hazard database. These analyses consider all major earthquake sources
(i.e., faults or other source zones), the rates of recurrence of all possible magnitude
earthquakes from those sources, the distributions of potential earthquake locations, and
the distributions of the resulting ground motions. WSIiq allows users to utilize this
information in the manner commonly applied in practice, but also in more advanced ways
that produce substantially more consistent estimates of actual liquefaction hazards than
conventional procedures. This capability is unique and represents an important step

forward in the practice of liquefaction hazard evaluation.

12 SOIL LIQUEFACTION

Liquefaction is a term used to describe a range of phenomena in which the
strength and stiffness of a soil deposit are reduced as a result of the generation of
porewater pressure. While it is possible for liquefaction to be caused by static loading, it
is most commonly induced by earthquakes. Liquefaction occurs most commonly in
loose, saturated, clean to silty sands but has also been observed in gravels and non-plastic
silts. Failures with characteristics similar to liquefaction failures have been observed in
low-plasticity silty clays. Liquefaction can produce damage ranging from small slumps
and lateral spreads to massive flow slides with displacements measured in tens of meters.
It can cause foundations and retaining structures to settle and/or tilt, or can tear them

apart through large differential displacements.

Liquefaction has occurred in numerous earthquakes and has left its mark in the
geologic and historical record. Evidence of past liquefaction (Figure 1.1a), termed
paleoliquefaction, has been used to evaluate seismic hazards in areas where instrumental
and historical data are sparse. The subject of liquefaction came to the forefront of
geotechnical earthquake engineering with the 1964 earthquakes in Niigata, Japan, and
Alaska. In Niigata, liquefaction caused lateral spreading (Figure 1.1b) and loss of

bearing capacity (Figure 1.1c). More recently, strong earthquakes in California, such as



Loma Prieta (1989) and Northridge (1994), Japan (1995), Turkey (1999), and Taiwan
(1999) have provided additional evidence of the damaging effects of liquefaction (Figure
1.1d).

(@ (b)

(© (d)

Figure 1.1 (a) Paleo-evidence of liquefaction in the form of a buried sand boil, (b) lateral spreading damage
to Showa Bridge from the 1964 Niigata earthquake, (c) bearing failure of foundations for Kawagishi-cho
apartment buildings in the 1964 Niigata earthquake, (d) subsidence of a waterfront area in the 1999 Turkey
earthquake.

Liquefaction has also been observed in Washington state in previous earthquakes,
including earthquakes that did not produce exceptionally strong ground motions. Figure
1.2 shows examples of liquefaction effects in the 1949 Olympia earthquake. At Pier 66,
this earthquake resulted in the seaward displacement of the transit shed by up to about 9
inches. Retaining walls were also observed to have tilted and moved along the

Duwamish waterway and in other areas south of downtown Seattle.



Figure 1.2 Examples of liquefaction-related damage from the 1949 Olympia earthquake.

The 1965 Seattle-Tacoma (M,, = 6.5) earthquake also caused liquefaction at a number of
locations within the Puget Sound region (Figure 1.3). Breaks in water lines due to lateral
soil movements were observed near Piers 64 through 66 in Seattle and in other areas.
The fact that this type of damage occurred under the moderate levels of ground shaking
levels produced by this earthquake underscores the high liquefaction hazards that exist in

the Puget Sound region.

Figure 1.3 Examples of liquefaction-related damage from the 1965 Seattle-Tacoma earthquake.



The 2001 Nisqually earthquake caused liquefaction in locations from Olympia to Seattle.
Figure 1.4 shows examples of lateral spreading damage in Olympia and Tumwater. The
fact that the photos on the left sides of Figures 1.3 and 1.4 look similar is not

coincidental: liquefaction occurred at the same location in both the 1965 Seattle-Tacoma

and 2001 Nisqually earthquakes.

Figure 1.4 Examples of liquefaction-related damage from the 2001 Nisqually earthquake.

1.2.1 Terminology

The basic mechanisms that produce liquefaction behavior can be divided into two
main categories. Flow liquefaction can occur when the shear stresses required to
maintain static equilibrium of a soil mass is greater than the shear strength of the soil in
its liquefied state. If liquefaction is triggered by earthquake shaking, the inability of the
liquefied soil to resist the required static stresses can cause large deformations, or
flowslides, to develop. The second mechanism, cyclic mobility, occurs when the initial
static stresses are less than the shear strength of the liquefied soil and happens more
frequently than flow liquefaction. Cyclic mobility leads to incremental deformations that
develop during earthquake shaking; the deformations may be small or quite large,
depending on the characteristics of the soil and the ground shaking. In the field, cyclic
mobility can produce lateral spreading beneath even very gentle slopes and in the vicinity

of free surfaces such as river beds.



1.2.2 Background

In all cases, there are three primary aspects of a liquefaction hazard evaluation. It
is frequently helpful to think of them in terms of three questions that a geotechnical
engineer must answer in order to complete the evaluation. In proper order, the questions

are as follows:

1. Is the soil susceptible to liquefaction? Some soils are susceptible to
liquefaction and others are not. If the answer to this question is no,
liquefaction hazards do not exist and the liquefaction hazard evaluation is
complete. If the answer is yes, the geotechnical engineer must move on to

the next question.

2. s the anticipated loading sufficient to initiate liquefaction? In some
areas, the seismicity is low enough that the anticipated level of ground
shaking is not strong enough to trigger liquefaction. If that is the case, the
answer to this question is no, and the liquefaction hazard analysis is
complete. If the anticipated level of shaking is strong enough to trigger
liquefaction, however, the geotechnical engineer must answer yes to this

question and move on to the next question.

3. What will the effects of liquefaction be? Liquefaction can affect the nature
of ground shaking and can cause flow slides, lateral spreading, settlement,
and other problems. It is important to recognize, however, that initiation
of liquefaction does not necessarily mean that severely damaging effects
will occur. The majority of the effort expended in this project, in fact, has
been directed toward developing procedures for estimating the effects of

liquefaction more accurately and reliably.

This three-part approach — susceptibility, initiation, and effects — to the problem
of liquefaction hazard evaluation is reflected in the manner in which the research has
been performed, and the manner in which this Manual and the WSliq program are

organized.



1.3  ORGANIZATION OF MANUAL

The Manual comprises nine chapters, the first three of which present background
material that supports the more technical, problem-focused topics of the next five

chapters. The final chapter presents a summary and some concluding comments.

Chapter 2 presents a brief description of the seismicity of Washington State and
of the resulting ground motion hazards; the focus of the chapter is on factors that
influence soil liquefaction. Chapter 3 presents a discussion of performance requirements
and the various factors that define and influence “performance” from the standpoint of
liquefaction. The nature of uncertainties, the manner in which they are handled in current
practice, and an emerging manner in which they can more consistently and accurately be

handled are also described.

Chapters 4 through 8 contain the “meat” of the Manual and the research it
describes. These chapters deal with the previously described questions of liquefaction
susceptibility, initiation, and effects. Chapter 4 presents new procedures for evaluating
the susceptibility of a soil to liquefaction based on historical, geologic, compositional,
and groundwater criteria. The procedures result in the assignment of a numerical
susceptibility rating factor, which can be used to compare, rank, and prioritize different
sites. Chapter 5 describes procedures to evaluate the potential for initiation of
liquefaction under different assumed loading conditions and presents recommendations

for WSDOT practice in this area, both in the short- and long-term.

Chapters 6 through 8 deal with the effects of liquefaction. Chapter 6 covers
lateral spreading, Chapter 7 covers post-liquefaction settlement, and Chapter 8 covers the
residual strength of liquefied soil. Chapters 6 through 8 are organized similarly in that
three approaches — single-scenario, multiple-scenario, and performance-based — to the
problem of interest are presented in each. Chapter 9 summarizes the Manual and presents

some concluding comments.

This Manual is accompanied by a computer program, WSliq, that implements the
various analyses described herein. WSIiq is also organized according to the
susceptibility-initiation-effects paradigm and allows analyses to be performed in three

different ways. The first, single-scenario analysis, represents the type of analysis most



commonly used in contemporary geotechnical earthquake engineering practice. The
second, multiple-scenario analysis, integrates response over the many magnitudes (and,
in some cases, distances) that contribute to ground motion hazard at a given location;
multiple-scenario analyses eliminate the controversy of “which magnitude” to use in
current, single-scenario analyses. The third, performance-based analysis, fully integrates
the results of a probabilistic seismic hazard analysis with a probabilistic response
analysis. This type of analysis is new to geotechnical earthquake engineering, but it
represents the future of practice in this field. It has numerous important advantages,
primary among which is the ensurance of consistent performance levels across regions of
variable seismicity. This is particularly important for Washington State, in which
consistent application of conventional procedures is shown to produce highly inconsistent
(particularly along the Pacific Coast) actual liquefaction hazards. The technical bases for
the various performance-based analyses described in chapters 6 through 8 are described
in a series of appendices. A user’s manual for the WSliq program is also presented in an

appendix.



Chapter 2

Earthquake Ground Motions
In Washington State

2.1 INTRODUCTION

Washington State lies in an active and complex tectonic region about which much
has been learned in the past 20 years and about which more will likely be learned in the
near future. The level of seismic activity varies dramatically across the state, from high
in the west to low in the east. Furthermore, the Pacific coast of Washington is subject to
extremely large (M > 9) earthquakes, the likes of which are not even possible in other
areas of the conterminous United States, including California.

The Washington State Department of Transportation (WSDOT) is responsible for
the design, construction, operation, and maintenance of bridges, roads, and other facilities
across the entire state. As stewards of the public trust, it is obligated to spend available
resources in a manner that produces the highest and most uniform level of safety
possible for all citizens. Achieving this goal requires an understanding of ground shaking
hazards across the entire state.

This chapter provides a brief review of ground motion hazards across Washington
State, with emphasis on those characteristics that affect soil liquefaction. It is not
intended, and should not be viewed, as a comprehensive description of ground motion
hazards in Washington. Its purpose is to provide background information for the
liquefaction hazard evaluation procedures described in subsequent chapters and a context
within which to better understand the new performance-based liquefaction hazard

evaluation procedures described in those chapters.

2.2 EARTHOQUAKE SOURCES

The seismicity of Washington State is dominated by two primary tectonic

processes. The state lies on the North American plate, which is composed of a series of

“blocks” that experience similar modes of movement. Northward movement of the



Sierra Nevada block in northern California produces north-south compression in much of
Washington, which is bounded to the north by the relatively stationary British Columbia
block. To the west, the Juan de Fuca plate is moving eastward and subducting beneath
the North American plate. These movements produce a complex set of stress conditions
— north-south compression in the upper crust transitioning to east-west compression at
depth — and a correspondingly complex pattern of seismicity.

Figure 2.1 shows the main geologic provinces of Washington State. The Northern
Washington Pre-Tertiary Highlands has many faults but negligible evidence that any are
active (in Quaternary time). The largest known crustal earthquake in the state, however,
occurred in a sparsely populated region (probably near Lake Chelan) in 1872. The
Columbia basin province in southern and southeastern Washington has a number of
Quaternary faults in the Yakima fold belt, along the Washington-Oregon border, and in
the southeastern corner of the state. The faults in this province are, relative to western
Washington, relatively small and dormant but are important for certain critical facilities
located in that region. The Cascade Volcano arc produces some seismicity associated
with volcanic activity, particularly in the vicinities of Mt. St. Helens and Mt. Rainier, but
evidence for surface-rupturing earthquakes has not been found in either zone. As a result,
the Cascade Volcano arc does not contribute significantly to ground motion hazards in
Washington State.

The remaining three provinces are all affected by the Cascadia Subduction Zone,
the 1,100-km-long boundary between the subducting Juan de Fuca plate and the
overlying North American plate. Subduction zones are known to produce the largest
earthquakes, known as interplate earthquakes, in the world; the Cascadia Subduction
Zone is now known to have produced at least six great earthquakes (i.e., magnitudes
likely greater than 9) in the past 3,500 years. Large magnitude earthquakes are
particularly notable with respect to liquefaction hazards because the process by which
liquefaction occurs is sensitive to ground motion duration, which increases with
increasing magnitude. The Cascadia Subduction Zone also produces intraplate
earthquakes expressed as extensional (normal faulting) events in the portion of the Juan
de Fuca plate to the east (and hence deeper) than the portion involved in interplate events.

The 1949 Olympia, 1965 Seattle-Tacoma, and 2001 Nisqually earthquakes are examples

10



of intraplate earthquakes; all were relatively large events (magnitudes of 6.5 to 7.1) but
occurred so deep (about 40-60 km) that ground shaking levels were only moderately
strong. Nevertheless, each of these events did produce liquefaction and damage to
constructed facilities. The Puget Lowland is also known to be traversed by a number of
shallow crustal faults, the number, location, and seismicity of which much is currently
being learned. The best-known of these is the Seattle Fault, which runs in an east-west
direction from Bainbridge Island, through Seattle, and into the Cascade foothills, and is
now known to have produced several large, shallow earthquakes, most recently about

1,100 years ago.

Northern Washington
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Figure 2.1. Main geologic provinces of Washington State (Lidke et al., 2003 )

23 GROUND MOTIONS

The sources described in the preceding section are all capable of producing

earthquakes of various magnitudes. Small (low magnitude) earthquakes are known to
occur more frequently than large (high magnitude) earthquakes, but different faults
produce earthquakes of different sizes at different rates. Attempts at actually predicting
earthquakes have not been successful, so seismologists and engineers use knowledge of

fault locations and historical seismicity with probabilistic analyses to predict expected
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levels of shaking from future earthquakes — these methods are probabilistic seismic

hazard analyses (PSHAS)

2.3.1 PSHA-Based Ground Motions

In a typical PSHA (Cornell, 1968), earthquake sources are identified and
characterized with respect to their geometries (i.e., probability distributions of source-to-
site distance), earthquake generation potentials (i.e., probability distributions of
earthquake magnitudes), and seismicities (i.e., rates of recurrence of earthquakes of
various magnitudes). The probability distributions of potential ground motion for all
possible combinations of magnitude and distance are described by means of attenuation
relationships. Details of the PSHA process are available in Kramer (1996) and McGuire
(2004).

By combining the uncertainties in magnitude, distance, and ground motions (for
some combination of magnitude and distance) with uncertainties in recurrence rates for
all sources capable of affecting a particular site, a relationship between ground motion
levels and the mean annual rates at which those ground motion levels are exceeded can
be described. Graphically, this information is described in terms of a seismic hazard
curve, an example of which is shown in Figure 2.2. Loading associated with some
desired probability of exceedance can be specified. For example, loading with 10 percent
probability of exceedance in a 50-year period can be shown (with common assumptions)
to have a mean annual rate of exceedance (Apga) of 0.0021 year’l, or a return period, Tg =
1/Apga = 475 years. For the seismic hazard curve shown in Figure 2.2, the PGA with that
hazard level is 0.330 g. Specifying loading in this way produces a more uniform means
of describing earthquake loading than previous scenario-based analyses. In effect, the
PSHA considers all possible scenarios and weights the contribution of each according to

its relative likelihood of occurrence.

12



0.01 T T T

0.001 - b

R
Mean annual rate of exceedance, hpq, (yr)

0.0001 . . .
0.0 0.2 0.4 06 0.8

Peak ground acceleration, PGA (g)

Figure 2.2. Seismic hazard curve for Seattle, Washington based on
USGS National Seismic Hazard Mapping Program analyses.

By virtue of their different locations relative to active seismic sources and the
different earthquake-generating characteristics of those sources, seismic hazard curves
vary dramatically across Washington. As would be expected, the mean annual rate of
exceeding a particular level of shaking is higher in the western part of the state than the
central and eastern parts. Figure 2.3 shows seismic hazard curves for peak ground
acceleration in eight selected cities across the state. The curves show that the peak
ground acceleration with a 0.0021 year” mean annual rate of exceedance (or a return
period of 475 years) would range from 0.07 g in Spokane to 0.33 g in Seattle. Put
differently, the peak acceleration with a 10 percent probability of being exceeded in a 50-
year period is 0.33 g in Seattle but only 0.07 g in Spokane; a PGA-sensitive structure in
Seattle would have to be built nearly 5 times stronger than one in Spokane to produce the

same level of seismic risk.
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Figure 2.3. Seismic hazard curve for eight cities in Washington State based on USGS National
Seismic Hazard Mapping Program analyses.

By performing PSHAs at points on a grid across some geographic region, contour
maps of selected ground motion parameters with a given period can be drawn. Figure 2.4
shows contours of peak ground acceleration across Washington State for return periods of
475 years (10 percent probability of exceedance in a 50-year period) and 2,475 years (2
percent probability of exceedance in 50 years). Such maps reflect local and regional
seismicity; only a cursory examination is required to confirm that the peak acceleration
values are much higher in western Washington than in the central and eastern parts of the
state. The 2,475-year peak acceleration values can also be seen to be higher than the 475-
year values (stronger motions can be expected to occur in the longer return period), but,
less obviously, the ratio between the two is higher on the coast than farther inland. The
latter observation results from the differences in recurrence rates for the coastal and
inland sources and shows that complete characterization of ground motion potential

requires consideration of motions at all return periods.
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Figure 2.4. Contour maps of peak ground acceleration for soft rock outcrop conditions: (a) 475-year
return period (10 percent probability of exceedance in 50 years), and (b) 2,475-year return period (2
percent probability of exceedance in 50 years). Colored acceleration scales are in percent of gravity.

A seismic hazard curve represents the aggregate contributions of all possible
combinations of magnitude and distance from all sources, each weighted by their relative

likelihoods of occurrence — in essence, all feasible scenarios (instead of just one) are
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considered. This is a particularly important departure from scenario-based practice for
liquefaction hazard evaluation because there is no single magnitude or distance
associated with a given level of ground motion; rather, the ground motion is affected by a
distribution of magnitudes and distances. The ground motion level is affected by
multiple scenarios, the relative contributions of which can be quantified by means of a
deaggregation analysis. Figure 2.5 shows a USGS deaggregation plot for PGA in Seattle
for a mean return period of 475 years; the heights of the columns in the figure illustrate
the relative contributions of each magnitude-distance combination to the 475-year peak
acceleration of 0.33 g. The distribution of magnitude values contributing to peak
acceleration is particularly important for liquefaction hazard evaluations because
magnitude is taken as a proxy for duration in the most commonly used procedures for

evaluation of liquefaction potential.
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Figure 2.5. Magnitude and distance deaggregation of 475-year peak acceleration hazard
for site in Seattle, Washington.

By integrating the results of a deaggregation analysis over all distances, a
marginal distribution of magnitude can be constructed. This distribution shows the

relative contributions of all magnitudes to the computed hazard. Figure 2.6 shows such
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distributions for six return periods at the Seattle site; the distributions of magnitude can
be seen to vary with return period. Given that liquefaction is sensitive to ground motion
duration, which is correlated to magnitude, complete characterization of ground motion
potential requires consideration of all magnitudes at all return periods for evaluation of

liquefaction hazards.
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Figure 2.6. Distributions of magnitude contributing to peak rock outcrop acceleration for different
return periods in Seattle, Washington (a) Tr = 108 years, (b) Tr = 224 years, (c) Tr = 475 years, (d) Tr
=975 years, (e) Tr = 2,475 years, and (f) Tr = 4,975 years.

Since the PGA values at each return period result from contributions from
earthquakes of different magnitude, the PGA hazard curve can be broken down into
contributions from different magnitudes. This allows magnitude deaggregation data to be
displayed in a different way: as a series of magnitude-dependent hazard curves, the sum

of which is equal to the total hazard curve, as shown in Figure 2.7.
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Figure 2.7. Seismic hazard curves for Seattle, Washington deaggregated on the basis of magnitude.
The total hazard curve is equal to the sum of hazard curves for all magnitudes.

Because different sources are capable of producing earthquakes of different
magnitudes, the type of distributions shown in figures 2.6 and 2.7 will vary across the
state. Table 2.1 shows mean magnitudes for 475-year and 2,475-year return periods for
the cities for which hazard curves are shown in Figure 2.2. Note that although the mean
magnitudes are generally higher in the west than in the east because of the presence of the
Cascadia Subduction Zone along the coast, the locations with highest mean magnitudes
do not necessarily correspond to the locations with highest PGAs. For example, Seattle
has a PGA of 0.330 g and mean magnitude of 6.57, while the coastal city of Long Beach
has a lower PGA (0.266 g) but a higher mean magnitude (8.37). Because of the manner
in which duration effects are accounted for in typical liquefaction analyses, the 475-year
level of loading in Long Beach is actually greater than that in Seattle from the standpoint

of liquefaction potential.
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Table 2.1. USGS peak acceleration (soft rock outcrop) and deaggregated
magnitude data for various sites in Washington State.

. Coordinates Tr =475 yrs Tr=2,475yrs
Location p —
Lat Long PGA (g9) M PGA (g9) M
Bellingham 48.78 -122.40 0.223 6.40 0.424 6.39
Long Beach 46.35 -124.06 0.266 8.37 0.598 8.61
Olympia 47.04 -122.90 0.297 6.77 0.526 6.81
Pasco 46.25 -119.13 0.082 6.08 0.190 6.11
Seattle 47.62 -122.35 0.330 6.57 0.621 6.67
Spokane 47.67 -117.41 0.072 5.88 0.173 5.91
Vancouver 48.64 -122.64 0.246 6.49 0.453 6.51

2.4 IMPLICATIONS FOR LIQUEFACTION HAZARD EVALUATION

The seismo-tectonic environment of Washington is varied and complex, which

results in a wide range of ground motion hazards across the state. Some portions of the
state experience small-to-moderate size earthquakes relatively frequently and some only
rarely. Some are exposed to extremely large potential earthquakes, and others to only
smaller earthquakes. Ground motion hazards are controlled by small, frequent, nearby
earthquakes in some parts of the state and by large, distant earthquakes in other areas.
The likelihood of liquefaction occurring at a given site depends strongly on the
amplitude and duration of ground motions at that site. Some areas very near small-to-
moderately sized faults may experience motions of relatively high amplitude but short
duration. Other areas may experience motions with low amplitudes but very long
durations. The fact that liquefaction can be triggered by both types of motions indicates
that liquefaction hazard evaluation should consider all possible combinations of ground
motion amplitude and duration. As discussed in subsequent chapters, earthquake
magnitude is frequently used as a proxy for duration in liquefaction analyses. Therefore,
accurate and consistent evaluation of liquefaction hazards requires consideration of
ground motions at all hazard levels and of the underlying distributions of earthquake

magnitudes that contribute to those motions.
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Chapter 3

Performance Requirements

3.1 INTRODUCTION

The evaluation of liquefaction hazards and the process of designing to mitigate
them must be based on some criterion for achieving successful “performance” of a
structure or facility. The concept of performance can be interpreted in different ways,
and recent trends in earthquake engineering point toward the adoption of more formal
procedures for quantifying and estimating the performance of engineered structures in the
future. This chapter describes the evolution of liquefaction hazard evaluation procedures
and the criteria used to establish acceptable levels of performance. Because current
criteria lead to inconsistent actual hazard levels (i.e., variable probabilities of achieving
some desired performance level), alternative criteria that eliminate those inconsistencies
are also described. The intent is to provide background information in support of the
following chapters, which describe tools that will allow WSDOT to transition from
current criteria to more objective and consistent criteria. Such criteria will allow the
more efficient use of WSDOT funds for construction of new structures and retrofit of
existing structures, and will produce a more uniform and consistent level of safety for the

traveling public across the state.

An important part of the implementation of performance criteria is the treatment
of uncertainty. As in all aspects of geotechnical engineering, uncertainty exists and plays
an important role in analysis and design. Geotechnical engineers have historically treated
uncertainty in a relatively informal manner by using factors of safety. More recently,
practice has moved toward more formal treatment of uncertainty as the underpinning of
load and resistance factor (LRFD) design (AASHTO, 2004; Allen, 2005). The following
sections describe the primary uncertainties involved in liquefaction hazard evaluation,
their historical treatment, and their future treatment. The intent is to provide a

background for the recommendations presented in the chapters that follow.
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3.2 RANDOMNESS AND UNCERTAINTY

The term “uncertainty” is frequently used to describe all deviations from pure
determinism, i.e., all differences from perfect knowledge of a perfectly understood
system. In order to better understand some of the concepts and recommendations that
follow, it is useful to break these deviations down into two categories and define each
more accurately.

The term “randomness” is often used in geotechnical engineering to describe
natural processes that are inherently unpredictable (Baecher and Christian, 2003).
Geotechnical engineers are well aware of the inherent variability — in geometry,
composition, and properties — of geotechnical materials and deal with the implications of
that variability on a daily basis. In seismic hazard analysis, the term “aleatory
uncertainty” is often used to describe randomness, i.e., unknowable variability that is
treated as being caused by chance.

The term “uncertainty” can also be used to describe processes that are predictable
but unknown because of a lack of information or knowledge. For a particular site, a
geotechnical engineer may have limited subsurface data with which to characterize the
site; the uncertainty in subsurface conditions could be reduced, however, with additional
(or improved) information. In seismic hazard analysis, the term “epistemic uncertainty”
is frequently used to describe uncertainty due to lack of knowledge or information.
Model uncertainty and parametric uncertainty are other common contributors to
epistemic uncertainty in geotechnical engineering.

The division between aleatory and epistemic uncertainty is not always clear, and
uncertainty that is actually epistemic is frequently treated as aleatory as a matter of
practicality. Subsurface conditions at a particular site, for example, are often
characterized by spatially variable aleatory uncertainty when, for example, much of that
uncertainty could actually be eliminated by drilling borings at a 12-inch spacing across an
entire site — obviously, an impractical solution to the uncertainty problem. For the
purposes of this document, epistemic uncertainty will be referred to as that which can be
reduced with the acquisition of practical amounts of additional information; the rest will

be attributed to aleatory uncertainty.
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3.3 TREATMENT OF UNCERTAINTIES IN LIQUEFACTION HAZARD
EVALUATION

The evaluation of liquefaction hazards involves evaluation of both loading and
resistance (or demand and capacity) terms. Uncertainties of different types exist in both.
In the classical geotechnical interpretation of “failure” occurring when loading exceeds
resistance, the probability of failure is equal to the probability that loading, L, exceeds

resistance, R, i.e.,
P[F]=P[L>R] (3.1)

If the possible values of L and R range over some intervals that can be discretized into a
finite number of increments, the probability of failure can be obtained (approximately) by

adding the contributions from all combinations of L and R, i.e.,

N. Ng

P[F1=>Y > PIL >R,IP[L;,R;] (3.2)

=1 j=l

where Np and Ny are the numbers of loading and resistance increments, respectively.
Accurate evaluation of this probability of failure, therefore, requires understanding of the
probability distributions of both loading and resistance. It also involves additional
computational effort; as Equation 3.2 implies, computing the probability of failure
requires N x Ng liquefaction evaluations. Such an increase in effort would be judged by
many engineers to be unreasonable, but if implemented in an efficient computer program,

the additional calculations need not be burdensome.

3.3.1 Historical Treatment

Liquefaction hazard analyses, like nearly all other earthquake engineering
analyses, were initially accomplished by means of scenario analysis. In this approach,
which originated from the nuclear power industry in the 1960s, a scenario event, usually
described (as a maximum probable or maximum credible earthquake) by some

combination of magnitude and distance, was postulated to define earthquake loading.

22



The scenario event was treated deterministically; attenuation relationships were used to
predict relevant ground motion parameters (principally, peak acceleration, am.x) at the site
of interest for the scenario event. Uncertainty in resistance was accounted for by the use
of a factor of safety (interpreted in the classical sense as a ratio of capacity to demand, or
of resistance to loading) whose minimum acceptable value reflected both uncertainty and
the consequences of “failure.”

Historical liquefaction evaluations were oriented toward evaluation of
liquefaction potential, i.e., the potential for the initiation of liquefaction. Acceptable
factors of safety for liquefaction potential were generally on the order of 1.5. When
such evaluations indicated that liquefaction was expected, separate evaluations of the
potential effects of liquefaction (e.g., slope instability, settlement, lateral spreading
displacements) were undertaken, also in a deterministic manner with another factor of

safety applied to the quantity of interest.

3.3.2 Current Treatment

Current practice treats loading in a different manner than the previously employed
scenario analyses, but resistance is generally treated similarly. The procedures used to
identify earthquake scenarios in the early days of geotechnical earthquake engineering
did not account for the likelihood of that scenario actually occurring, which in reality is
only one of many possible scenarios that could cause unsatisfactory performance. As a
result, designs in different areas were frequently based on loading levels with very
different probabilities of occurrence. In contemporary practice, loading is defined by
means of probabilistic seismic hazard analysis (PSHA). Resistance is usually handled
deterministically, but probabilistic descriptions of resistance have recently become

available.

3.3.2.1 PSHA-Based Loading

In a typical PSHA (Section 2.2), earthquake sources are identified and
characterized with respect to their geometries (i.e., probability distributions of source-to-
site distance), earthquake generation potentials (i.e., probability distributions of

earthquake magnitudes), and seismicities (i.e., rates of recurrence of earthquakes of
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various magnitudes). The probability distributions of potential ground motion for each
combination of magnitude and distance (and, in some cases, other variables) are
described by means of attenuation relationships. Details of the PSHA process are
available in Kramer (1996) and McGuire (2004). These uncertain variables are combined
to produce a seismic hazard curve, which therefore represents the aggregate contributions
of all possible combinations of magnitude and distance from all sources, each weighted
by their relative likelihoods of occurrence; in essence, all feasible scenarios (instead of
just one) are considered. This is a particularly important departure from scenario-based
practice for liquefaction hazard evaluation because there is no single magnitude or
distance associated with a given level of ground motion; rather, the ground motion is
affected by a distribution of magnitudes and distances. Put differently, the ground
motion level is affected by multiple scenarios, the relative contributions of which can be
quantified by means of a deaggregation analysis. Figure 2.5 showed a USGS
deaggregation plot for peak acceleration with a mean return period (reciprocal of mean
annual rate of exceedance) of 475 years; the heights of the columns in the figure illustrate
the relative contributions of each magnitude-distance pair to the 475-year peak
acceleration of 0.335g. The distribution of magnitude values contributing to peak
acceleration is particularly important for liquefaction hazard evaluations because
magnitude is taken as a proxy for duration in the most commonly used procedures for

evaluation of liquefaction potential.

3.3.2.2 Resistance

In current practice, liquefaction resistance is typically treated deterministically by
using empirical correlations to field observations of the conditions under which soils have
and have not liquefied in previous earthquakes. Uncertainty is typically accounted for
through the use of factors of safety; acceptable values with PSHA-based loading are
usually on the order of 1.2 to 1.5. When such evaluations indicate that liquefaction is
expected, separate evaluations of the potential effects of liquefaction are undertaken;
those evaluations are generally performed deterministically.

The recent development of probabilistic liquefaction models allows estimation of

a probability of liquefaction, but that estimate corresponds to some assumed level of
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loading (typically expressed in terms of a peak acceleration and magnitude). In practice,
the loading (though obtained from a PSHA) is usually treated deterministically, i.e,. as a
single peak acceleration-magnitude pair. The results of the evaluation should therefore

be recognized as being conditional upon the selected level of loading.

3.3.3 Emerging Treatment

An important goal of earthquake-resistance design and earthquake hazard
mitigation is to achieve consistency and uniformity in safety and reliability. This is
particularly important for agencies, like WSDOT, that are responsible for structures and
facilities that are spread out over a large geographic area in which seismicity levels may
be very different. As discussed in Chapter 2, seismicity in Washington varies from high
west of the Cascades to low east of the Cascades, but also varies significantly within each
of those regions. The design of structures in Seattle may be dominated by potential M =
7.4 Seattle fault earthquakes, while structures along the coast may be dominated by M =9
Cascadia Subduction Zone earthquakes. At other locations, design may be controlled by
potential earthquakes from several different sources, each of which may produce
earthquakes of different sizes with different frequencies.

The concept of performance-based earthquake engineering, as developed by the
Pacific Earthquake Engineering Research (PEER) Center, provides a rational framework
for uniform and consistent evaluation of liquefaction hazards in all seismic environments.
It accounts for all possible levels of ground motion (rather than motions with a single
return period, as in current practice) and all magnitudes that contribute to each of those
levels of ground motion. Implementation of the performance-based approach effectively
involves mining through large PSHA databases and performing millions of individual
liquefaction evaluations — tasks that would normally be costly and time-consuming. The
WSliq software package that accompanies this Manual, however, automates this process
so that it can be performed as easily as a conventional liquefaction analysis.

The performance-based approach can be formulated to directly predict the
probability of some performance level being reached or exceeded. It does this by
considering the uncertainty in ground motion intensity (through a PSHA), the uncertainty

in response given ground motion intensity, and the uncertainty in damage given the
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response. These analyses represent the state-of-the-art to which the state-of-practice is

moving.

3.3.4 Model Uncertainty

An element of epistemic uncertainty that is frequently neglected in practice is
model uncertainty. Different models are available for prediction of liquefaction potential,
residual strength of liquefied soil, lateral spreading displacement, and post-liquefaction
settlement. The models generally have different forms and are frequently calibrated
against different data; as a result, they often produce similar, but somewhat different,
results. Geotechnical engineers usually select one model on the basis of apparent
applicability to the problem of interest—ease of use, perceived conservatism, or other
reasons—and use that model alone. In effect, they are implicitly assigning a probability
of 1.0 to the notion that the selected model is the most appropriate (or “best”’) model, and
probabilities of 0.0 to the other models. In reality, there is seldom a technical basis for
justifying such a decision; using subjective (but rational) means, it is frequently more
appropriate to assign “degrees of belief,” interpreted as probabilities that each model is
the “most appropriate” in the form of weighting factors. The WSIiq software package
that accompanies this report provides the means for assigning such weighting factors to
alternative models so that the final result of an analysis reflects the contributions of more

than one appropriate model.

34 THE MAGNITUDE ISSUE

Liquefaction results from the generation of excess porewater pressure in loose,
saturated soils; the porewater pressure is known to build up gradually in response to the
series of cyclic shear stresses imposed on the soil by earthquake shaking. For a given
element of soil in the field, the final porewater pressure is a function of the amplitude,
frequency, and number of loading cycles. Therefore, earthquake loading, for the
purposes of liquefaction analysis, is a function of ground motion amplitude, frequency
content, and duration.

Since the early days of liquefaction hazard evaluation, the duration of a ground

motion has been correlated to earthquake magnitude. This approach was logical and

26



quite workable at the time it was developed, since actual ground motion duration data at
case history sites were rare and because earthquake loading was characterized by a
scenario, 1.€., a single magnitude-distance pair. With this approach, magnitude could
easily be used as an unambiguous proxy for ground motion duration.

However, with the advent of PSHA-based characterization of loading, the use of
magnitude as a proxy for duration became more difficult in many cases. As previously
described, a PSHA accounts for ground motions resulting from all possible earthquake
magnitudes, and so the ground motion with a particular return period comprises
contributions from many different magnitudes; for a conventional liquefaction hazard
evaluation, the geotechnical engineer must choose a single magnitude to represent all of
these contributions. For sites affected by a single seismic source (i.e., fault), the choice is
usually straightforward because one magnitude will typically dominate the hazard. For
other locations, however, contributions may come from different seismic sources with
different recurrence behavior; at these locations, different magnitudes may contribute
nearly equally to the ground motion with a particular return period. Figure 2.5, for
example, showed the relative contributions to 475-year peak ground acceleration for
Seattle broken down by magnitude and distance in a deaggregation plot. The peak
acceleration value of 0.33 g can be seen to be affected by magnitudes ranging from 5.0 to
9.0. The mean and modal magnitudes for Seattle are 6.57 and 6.64, respectively — not a
large difference. In Tacoma, however, the 475-year mean and modal magnitudes are
6.54 and 7.00, respectively — a much more significant difference. In fact, use of the
modal magnitude in a liquefaction evaluation for a site in Tacoma would produce loading
20 percent stronger (and hence a factor of safety 20 percent lower) than that based on use
of the mean magnitude.

In current practice, selection of the appropriate magnitude value is controversial.
Some engineers use mean magnitudes, some use modal magnitudes, and some use the
larger of the two in an effort to be “conservative.” However, the use of any of these
approaches will produce inconsistent actual risks of liquefaction because of the nonlinear
relationship between duration and liquefaction potential. The correct way to handle the
“magnitude issue” is to repeat the calculations for all magnitudes that contribute to

significant ground motions and weight the calculated results by the relative contribution
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of each magnitude. The cost of this approach is the increased computational burden. For
a site in Seattle, for example, one would likely perform 20 analyses (covering the range
of M =5.0to M = 9.0 in magnitude increments of 0.2) to implement this approach.

To allow the benefits of increased uniformity and consistency associated with
accurate representation of magnitude contributions to be realized conveniently, the WSliq
software package that accompanies this report allows liquefaction evaluations to be
performed in three user-selected manners. The basic philosophy and use of each are

described in the following sections.

3.4.1 Single-Scenario Approach

A single scenario analysis can be performed with user-defined data (e.g., peak
acceleration and magnitude for liquefaction potential) or with PSHA-based data (e.g.,
peak acceleration for a user-defined return period and, at the user’s choice, either mean or
modal magnitude). A PSHA database for Washington State is built into the WSliq
package, so all of the required data are available for any latitude and longitude within the
state. This option lets the user control the required input parameters in a way that allows
convenient sensitivity analyses, comparison of different models, and more.

The results of a single-scenario analysis must be recognized as being conditional
upon the occurrence of that scenario. The fact that other scenarios capable of causing

unsatisfactory performance may also occur should also be recognized.

3.4.2 Multiple-Scenario Approach

Multiple scenario analyses can be performed for ground motions with any return
period. In this type of analysis, the results are computed for all magnitude values with
weighting factors proportional to the relative contribution of each magnitude to the
ground motion parameter used to compute the expected value of the result (for lateral
spreading analyses, the contributions of all magnitudes and distances are considered). In
WSliq, this option makes use of the built-in Washington State PSHA database so that the
analyses are no more difficult to perform than the single-scenario analyses. The multiple-
scenario analyses eliminate the controversial issue of using mean, modal, or other

magnitudes in liquefaction hazard evaluations.
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The results of a multiple-scenario analysis must be recognized as being
conditional upon the level of ground motion associated with the selected return period.
The fact that unsatisfactory performance could be caused by weaker, more frequent

motions, and/or by stronger, less frequent motions should also be recognized.

3.4.3 Performance-Based Approach

Performance-based analyses consider ground motions with all return periods and
the contributions of magnitude (and, for lateral spreading, all distances) to all of those
return periods. They represent the most complete, consistent, and uniform method
possible for evaluation of liquefaction hazards. The performance-based analysis can
return a seismic hazard curve for the parameter of interest. Knowing the return period of
a particular hazard is equivalent (with a common and appropriate assumption) to knowing
the probability of that hazard in a given exposure period. For lateral spreading, for
example, the performance-based option can compute the lateral spreading displacement
with a particular return period (or, equivalently, a particular probability of a particular
level of displacement being exceeded in a given exposure period). By keying
performance criteria to return periods (or probabilities of exceedance), uniform and

consistent levels of risk can be achieved in all seismic environments across the state.

3.44 Recommendations

One of the important goals of the research described in this report was the
development of procedures and tools that will allow WSDOT engineers to evaluate
liquefaction hazards consistently and uniformly, and to do so as easily as possible. The
WSIliq program, therefore, was designed to allow different single-scenario, multiple-
scenario, and performance-based evaluations. Table 3.1 summarizes the recommended
uses of each of these approaches; the recommendations anticipate that the trend of
moving toward performance-based design and evaluation will accelerate in the next few

years.
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Table 3.1 Advantages, disadvantages, and recommended use of different analysis approaches.

Item Single-Scenario Multiple -Scenario Performance-Based
Simple approach, Straightforward extension | Considers all levels of
allows investigation of | of single-scenario ground motion (all
single hypothetical approach; considers all return periods) and all
scenario; no site- magnitudes from all magnitudes from all

Advantages | specific hazard data seismic sources weighted | sources, all weighted by
required. by relative contribution to | relative likelihoods;
hazard; consistent with, gives most complete,
but improved upon, consistent indication of
current practice. hazard.
Only considers one of | Time-consuming, in that Time-consuming, in that
many possible single-scenario multiple-scenario
scenarios; no calculations must be calculations must be
indication of likelihood | repeated many times; repeated many times;
. of selected scenario. considers only one level of | requires site-specific
Disadvantages .
ground motion (one return | hazard and
period); requires site- deaggregation data at
specific hazard and multiple return periods.
deaggregation data at
return period of interest.
Use for sensitivity Use for design practice Use with WSLIQ to
analyses — check with WSliq; check results | check results of
sensitivity of results to | against performance-based | multiple-scenario
Recommended | different scenarios, results to determine return | analyses; develop return
Use e.g., most likely or period associated with period database to begin

worst case earthquake
from each seismic
source.

computed performance
level.

transition to
performance-based
design.

3.5 PERFORMANCE CRITERIA

The field of earthquake engineering is in the early stages of a transition toward

performance-based design and evaluation concepts. The performance-based procedures

described in the following chapters represent the profession’s first implementation of

performance-based liquefaction hazard evaluation procedures. In that context, WSDOT

is now ahead of the curve and has the opportunity to play a leading role in the

development and adoption of suitable performance criteria.

3.5.1 Conventional Analyses

For conventional (i.e., not performance-based) analyses, performance criteria

should still be based on a factor of safety given a ground motion with some return period.
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Criteria based on single scenario procedures are not recommended. In such cases,
performance should be evaluated by using the results of multiple-scenario analysis, which
can be performed easily with the WSIiq software package.

As previously discussed, model uncertainty can be significant in several areas of
liquefaction hazard evaluation. In conventional practice, the geotechnical engineer
typically selects one method of analysis and accounts for model and all other uncertainty
through the use of a factor of safety. If model uncertainty is addressed, for example by
using multiple models, the reduction of uncertainty should, in principle, justify the use of
a lower factor of safety for design. For design purposes, the use of weighted average
response values can justify the use of factors of safety that are 5 percent to 10 percent

lower than the standard factor of safety levels of 1.3 to 1.5.

3.5.2 Performance-Based Analyses

The move toward performance-based analyses means that performance-based
criteria will need to be established for various liquefaction hazards. Such criteria will
need to be established in terms of acceptable return periods for various performance
levels; as an example, the results of this research show that conventional deterministic
analyses of liquefaction potential produce a level of “safety” that is consistent with a 400-
year return period for liquefaction (of an element of soil in a reference profile) in Seattle.
Put differently, current criteria based on conventional deterministic procedures are
consistent with a condition in which liquefaction would be expected to occur, on average,
every 400 years in Seattle. To obtain a consistent likelihood of liquefaction at other
locations, performance-based analyses should be performed for a liquefaction return
period of 400 years for the location of interest.

The actual, desired return periods associated with different performance levels
will need to be determined by WSDOT personnel; these return periods may vary from
one hazard (e.g., initiation, lateral spreading, settlement) to another. This process is
usually accomplished by a calibration exercise in which return periods associated with
conventional criteria are calculated; the WSliq program was designed to make such

analyses as easy as possible to perform.
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Chapter 4

Susceptibility to Liguefaction

4.1 INTRODUCTION

The first step in a liquefaction hazard evaluation is to determine whether the site
of interest contains soils that are capable of liquefying, i.e., whether or not they are
susceptible to liquefaction. Note that, as used in this report, susceptibility and initiation
are separate issues. A soil considered susceptible to liquefaction is one that can liquefy
under some level of loading, and a non-susceptible soil cannot — no matter how strong the
loading may be. Some profiles are not susceptible to liquefaction and others are highly
susceptible.

Liquefaction susceptibility can be judged at different levels. The general deposit-
level susceptibility can be preliminarily screened by using historical, geological,
hydrological, and compositional criteria, as described by Kramer (1996). Youd (1998)
developed a useful and practical deposit-level screening procedure that includes
liquefaction susceptibility but also elements of initiation and effects. Liquefaction
susceptibility can also be evaluated at the layer level, i.e., by distinguishing between the
characteristics of the various layers that make up a soil deposit.

For many years, only sands were considered to be susceptible to liquefaction.
Gravels were considered to be too permeable for high pore pressures to be maintained,
even if the gravel was loose enough to exhibit highly contractive behavior, and fine-
grained soils were considered to have sufficient cohesion to prevent the deleterious
behavior associated with liquefaction even if high pore pressures were generated.
However, the geotechnical engineering profession’s understanding of liquefaction
susceptibility has improved significantly in the past 10 to 15 years, principally because of
knowledge gained from earthquakes in California, Turkey, and Taiwan. These advances
have helped to clarify the susceptibility of fine-grained soils, i.e., silts and clays, to
liquefaction; they have also pointed out that previously used procedures are not valid.

Clays are generally not susceptible to liquefaction, although some may exhibit behavior
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that is similar in some respects to liquefiable soils. Silts may or may not be susceptible to
liquefaction; silts that are susceptible can be particularly problematic because of their
relatively low permeability.

This chapter provides a review of the conditions under which various types of
soils are and are not susceptible to liquefaction. It begins by introducing a procedure for
deposit-level susceptibility evaluation and then describes a procedure for layer-level

evaluation.

42 DEPOSIT-LEVEL SUSCEPTIBILITY EVALUATION

A preliminary screening of liquefaction susceptibility can be based on the

Susceptibility Rating Factor, SRF, which is defined as follows:

SRF = Fhist X Fgeology X Fcomp X Fgw (41)

where Fpisc = liquefaction history factor, Fgeology = geology factor, Feomp = composition
factor, and F,,, = ground water factor. Procedures for determining the values of the
various factors are described in the following sections. When the SRF is computed
according to these procedures, the susceptibility of the site to liquefaction can be

estimated from Table 4.1.

Table 4.1 Characterization of overall site susceptibility to liquefaction hazards.

SRF Site Susceptibility

0-5 Very Low
5-10 Low
10— 25 Moderate
25-50 High

> 50 Very High

Note that this scale is not linear, i.e., that a doubling of the SRF does not imply a
doubling of susceptibility. The scale should also be recognized as being qualitative in
nature; the numerical values it produces should not be used in place of sound engineering
judgment.

Note also that the various factors listed in this document have been determined

through a combination of engineering analysis and engineering judgment. As such, they
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should be revisited periodically and revised as necessary as additional data become

available and further research is completed.

4.2.1 Liquefaction History Factor

Historical observations can be very useful in determining the susceptibility of
sites to future occurrences of liquefaction. The fact that liquefaction has occurred at the
site of interest in the past, particularly if it occurred in earthquakes that produced low to
moderate levels of shaking, may be a very strong indicator of susceptibility in future
events. On the other hand, the fact that liquefaction is known not to have occurred in the
past, particularly if the site has been subjected to significant levels of shaking, may be a
strong indicator of non-susceptibility. Therefore, the liquefaction history factor is
defined in such a way that it takes on high values for sites that have liquefied in the past,
and very high values if that liquefaction occurred under modest levels of ground shaking.

The history factor is composed of two historical components that are multiplied
together. The first is a component intended to reflect past observations of the occurrence
of liquefaction; the second is a component that reflects the past seismic history of the site.

Therefore, the liquefaction history factor is defined as

Fhisc = Cobs X Cseis (42)

The two components are determined from tables 4.2 and 4.3:

Table 4.2 Historical observation factors. Table 4.3 Past seismicity history factors.
Historical Past Peak Cseis
Liquefaction Cobs Acceleration
Observations Index
Widespread 10 0.00-0.05¢g 5.0
liquefaction 0.05-0.1¢g 3.0
Limited 5 0.1-02¢g 2.0
liquefaction 02-03g 1.5
No liquefaction 1 03-04g 1.2
Unknown 2.5 >04¢g 1.0
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Note that the value of Fy;s; depends both on observations of behavior in past earthquakes
and on the known seismic history of the site of interest. For a site at which widespread
liquefaction was observed in an earthquake producing ground motions of 0.15 g, the
value of Fpist would be Fpise = 10 x 2.0 = 20. For a site at which no liquefaction was
observed under earthquake shaking as high as 0.35 g, the value of Fpiss would be much
lower, i.e., Fpise = 1 x 1.2 = 1.2. The extreme difference (i.e., factor of 20/1.2 =16.7) in
Frist for these cases is intentional; the comparative histories would indicate a much higher
level of susceptibility for one site relative to the other. Note also that sites for which
liquefaction (or no liquefaction) observations are not available will have an increased Cops
value relative to sites for which observations of no liquefaction are available. This is
intended to reflect the difference between knowing that liquefaction has not occurred and
not having information on whether liquefaction has occurred. In the absence of
information on the PGA value for which liquefaction observations were made, the Past
Peak Acceleration Index can be taken as the USGS peak acceleration with a return period
of 108 years; this value is intended to distinguish between regions of high and low

seismicity in areas where evidence of liquefaction may exist.

4.2.2 Geology Factor

Geology is one of the dominant factors influencing liquefaction susceptibility.
Soil deposits susceptible to liquefaction generally occur within a limited range of
depositional environments; hence susceptibility can be correlated to geologic conditions
in a preliminary screening procedure. Determination of the geology factor requires site
classification, which is a subjective task best performed by geologists with a good
knowledge of local and regional geomorphology. The reliability of the site classification
will depend on the nature of the data available to the person making the classification.

The geology factor, therefore, is defined as the product of two components.

Fgeology = Cclass X Cquality (43)

Youd and Perkins (1987) described liquefaction susceptibility of sedimentary
deposits in qualitative terms, accounting for the fact that liquefaction resistance increases

with time since deposition. The depositional types identified by Youd and Perkins were
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used to develop values of the classification component, C,j,ss, for liquefaction

susceptibility evaluation. The factors are presented in Table 4.4.

Table 4.4 Geologic classification factors.

Nature of
Sediments in Classification Component, Cgjass
Type of General (by age of deposit)
Deposit Distribution
of Pre-
Cohesionless | <500 | Holocene | Pleistocene | Pleistocene
Deposits yrs
Uncompacted Variable 10 - - -
fill
River channel Locally 10 6 2 1
variable
Delta Widespread 10 6 2 1
(coastal)
Loess Variable 6 6 6 -
Flood plain Locally 6 4 2 1
variable
Delta Widespread 6 4 2 1
(continental)
Lacustrine Variable 6 4 2 1
and playa
Colluvium Variable 6 4 2 1
Dunes Widespread 6 4 2 1
Estuarine Locally 6 4 2 1
(coastal) variable
Beach (low Widespread 6 4 2 1
wave energy)
Lagoonal Locally 6 4 2 1
variable
Foreshore Locally 6 4 2 1
variable
Alluvial fan Widespread 4 2 2 1
and plain
Beach (high Widespread 4 2 1 1
wave energy)
Talus Widespread 2 2 1 1
Glacial till Widespread 2 2 1 1
Tuff Rare 2 2 1 1
Compacted Variable 2 - -
fill
Rock Widespread 0 0 0 0
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The reliability of this classification may be relatively high or low, depending on
who is doing the classification and the quality of information available to that person. To
account for the beneficial effects of high-quality information, a quality component,
Cuality, 18 determined from Table 4.5.

If a site can be classified by more than one of the above categories, the geology

factor may be estimated by interpolation.

Table 4.5 Classification quality factors.

Basis for Classification Cauality
Site reconnaissance by geologist 1.0
Site reconnaissance by engineer 1.1

Review of geologic maps 1.2
(1:24000 or better)
Estimation 1.5

4.2.3 Compositional Factor

Soil composition, in addition to depositional environment, plays an important role
in the occurrence of liquefaction. Surficial effects of liquefaction are observed most
frequently in loose, uniformly graded, rounded, clean to slightly silty sands overlain by
thin layers of fine-grained soils. Therefore, factors such as gradation, particle shape,
fines content, fines plasticity, and cap presence can affect liquefaction susceptibility.

The composition factor is defined as the product of six different components and

defined as

Fcomp = Cgradation X Cshape X Cﬁnes X Cplasticity X ch X Ccap (44)

The values of the components can be obtained from tables 4.6a-f:
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Table 4.6 (a) gradation factors, (b) particle shape factors, (c) fines content factors, (d) fines plasticity
factors, (e) water content factors, and (f) impermeable cap factors.

@ (b)
Coeff. of Coradation Particle Shape Cshape
Uniformity Rounded 1.00
1-2 1.00 Sub-rounded 0.95
2-3 0.95 Subangular 0.90
3-4 0.90 Angular 0.80
4-5 0.85 Unknown 1.00
>5 0.75
Unknown 1.00
(c) (d)
Fines Content Cfines Fines PI Colasticity
0-20% 1.00 0-7 1.00
20 —40% 0.95 7-12 0.80
40 - 60% 0.90 12 -20 0.50
60 — 80% 0.85 20-30 0.25
80 — 100% 0.80 > 30 0.10
Unknown 1.00 Unknown 1.00
(e) )
Water Content Cue Cap Presence Ceap
. > 0.85LL 1.00 Yes 1.20
0.80LL <w, <0.85LL 0.90 I\I;(I)O((Srzli‘g) (1)(5’8
W, < 0.80LL 0.80 Unlfnown 110
Unknown 1.00

The plasticity and water content coefficients were developed with consideration
of recent liquefaction susceptibility criteria proposed by Idriss and Boulanger (2006) and

Bray and Sancio (2006).

4.2.4 Groundwater Factor

The process of liquefaction involves the buildup of excess porewater pressure
within a liquefaction-susceptible soil. Consequently, liquefaction-susceptible soils must
be saturated (or very nearly saturated).

Because liquefaction loading and resistance typically decrease and increase,
respectively, with increasing depth, liquefaction is commonly observed at relatively

shallow depths. Earthquake reconnaissance following past earthquakes around the world
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has shown that the effects of liquefaction in natural soils are usually observed at sites
with groundwater table depths that are lower than about 3 m, that some cases of
liquefaction have occurred at sites with groundwater tables at depths of 10 m, and that
only a few instances of liquefaction have been observed at sites with water tables deeper
than 15 m.

These factors indicate that susceptibility to liquefaction hazards can be assumed
to decrease with increasing water table depth. Accordingly, values of the groundwater

factor can be estimated from Table 4.7:

Table 4.7 Groundwater factors.

Groundwater Groundwater
Table Depth Factor, Fqw
<3m 1.0
3—-6m 0.9
6—-10m 0.8
10—15m 0.7
>15m 0.6
Unknown 1.0

The groundwater table depth used to determine Fy,, should be the lowest depth
that can be reasonably anticipated over the lifetime of the structure that is to be
constructed at the site of interest. The potential for increased or perched groundwater

levels should be evaluated in determining Fgy,.

43 EXAMPLES

The proposed procedure for preliminary deposit-level screening of liquefaction

susceptibility can be illustrated by a series of examples. The examples are selected to
represent a range of hypothetical site conditions at a series of locations across
Washington State. The examples also represent a range of available information on

which the screening procedure could be based.

Example 1: Sodo District, Seattle
This hypothetical site is in the area of Seattle south of Safeco Field and near the
Duwamish River. The site is underlain by artificial fill placed hydraulically during the

early part of the century and by alluvial soils deposited by the river. The sands are
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generally relatively clean, poorly graded, and of subangular particle shape. Groundwater
in the area is at a depth of approximately 3 m. Localized liquefaction has been observed
in the area in the 1949 Olympia, 1965 Seattle-Tacoma, and 2001 Nisqually earthquakes;

ground motions of approximately 0.22g were recorded in the area in the Nisqually

earthquake. The susceptibility rating factor for the site is calculated below.

Liguefaction History Factor | Fnst= 7.5
Cwhs=1|5 Limited liquefaction
Ceis= | 1.5 PHA =0.22¢g
Geology Factor | Fgeoogy = 10
Ceaass = | 10 Fill/River channel
Cauaity = | 1.0 Geologist site visit
Compositional Factor | Feomp = 0.86
Cgradation =1095 Cu =22
Cshape = | 0.90 Subangular
Ciines = | 1.00 Low fines content
Chlasiicity = | 1.00 Nonplastic fines
Cuc = | 1.00 Unknown
Ceap = | 1.00 No cap
Groundwater Factor Few= 1.0

Susceptibility Rating Factor

The SRF of 64 means that the liquefaction susceptibility of this site is Very High,
a fact that should not be surprising, given that liquefaction has been observed in the area

in past earthquakes.

Example 2: Andresen Road Interchange, Vancouver

The Andresen Road interchange lies in a flood plain of the Columbia River. The
flood plain deposits resulted from the glacial outburst floods of Glacial Lake Missoula
that occurred during the Pleistocene. Some low-lying areas were subsequently filled with
shallow deposits of silt and organic silt. Perched groundwater is anticipated at depths of
2 to 3 m. The susceptibility rating factor for the site is calculated below.

The Andreson Road interchange site has an SRF of 36, which indicates a High
susceptibility to liquefaction. Additional information on the liquefaction and ground

shaking history of the site could lead to a significant reduction of the SRF; confirmation
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of the geologic characterization by a geologist would produce a reduction of nearly 20

percent.

Liquefaction History Factor | Fhist= 7.5
Cos= |25 Unknown
Cseis= | 3.0 >0.1g
Geology Factor | Feoogy = 4.8
Ceass = | 4 Pleistocene & Holocene
Cquaiiy = | 1.2 From map
Compositional Factor | Feomp= 1.0
Cgyradation = | 1.0 All unknown
Cshape = | 1.0
Cfines = 1.0
Chlasticity = | 1.0
Cwe.=|1.00
Ceap=| 1.0
Groundwater Factor Fw= 1.0

Susceptibility Rating Factor

Example 3: Capitol Boulevard Undercrossing, Olympia

The Capitol Boulevard undercrossing of I-5 lies in an area of post-Pleistocene
fluvial deposits comprising loose to medium-dense silty fine sands and sandy silts
overlying medium-dense to dense advance outwash sands. No liquefaction was observed
at the site during the 1949 Olympia and 2001 Nisqually earthquakes, which likely
produced shaking with a PHA > 0.2g. Groundwater at the site is expected to be more
than 30 m below the ground surface. The susceptibility rating factor for the site is
calculated below.

The SRF of 7 indicates that the Capitol Boulevard undercrossing site has a Very
Low susceptibility to liquefaction, principally because of the very deep groundwater
table. If a perched water condition could develop at this site, the SRF could be
considerably higher.
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Liguefaction History Factor | Fnst= 1.5
Cos=11.0 No liguefaction observed
Ceeis= | 1.5 PHA > 0.2g
Geology Factor | Fgeoogy= 6.6
Ceass= | 6 Fluvial deposits
Couaiy = | 1.1 Engineer’s interpretation
Compositional Factor | Feomp= 1.14
Cyradation = | 1.0 Unknown
Cshape =|10 Unknown
Ciines = | 0.95 > 20%
Cplasticity =11.0 Nonplastic
Cwe = | 1.00 Unknown
Ceap=| 1.2 Silt cap present
Groundwater Factor Few= 0.6

Susceptibility Rating Factor

Example 4: Yakima River Site

A site near the Yakima River contains floodplain deposits from Pleistocene
glacial outburst flooding and more recent fluvial sedimentation. The site is underlain by
medium dense to dense sandy gravel with occasional cobbles. Groundwater is at a depth

of approximately 8 m. The susceptibility rating factor for the site is calculated below.

Liquefaction History Factor | Frst= 3.0
Cws=1]1.0 No liguefaction observed
Ceeis = | 3.0 PHA > 0.05¢g
Geology Factor | Fgeoogy= 4.0
Ceass = | 4.0 Pleistocene/Holocene
Caualiy = | 1.0 Geologist site visit
Compositional Factor |  Foomp= 05
Cgradation = | 1.0 Unknown
Cshape = | 1.0 Unknown
Cinee = | 1.0 Unknown
c - T10 Unknown
plasticity Uncapped gravel
Cuwc = | 1.00 Unknown
Ceap=| 0.5 Gravel cap
Groundwater Factor Few= 0.8

Susceptibility Rating Factor

42



Liquefaction susceptibility of the Yakima River site would be classified as Very
Low, primarily because of the nature of the soil (uncapped gravel) and the relatively deep

groundwater table.

Example 5: Bone River Site

A site at Bone River near Willapa Bay on the Washington coast is underlain by
fluvial/alluvial deposits consisting of thick sequences of silt and silty sand. The
groundwater table varies from 2 to 6 m in depth. The silty sands generally contain at
least 40 percent fines that have PIs of 15 to 20. The susceptibility rating factor for the site

is calculated below.

Liguefaction History Factor | Fnst= 2.5
Cws=125 Unknown
Ceeis = | 1.0 Strong CSZ motions
Geology Factor | Fgeoogy= 10
Ceaass = | 10 River channel deposits
Cauaity = | 1.0 Geologist site visit
Compositional Factor | Feomp = 0.43
Cgradation =10.95 C,>2
Cshape = | 1.0 Unknown _
Cinee= | 0.9 40 - 60% fines
C._ - 1o0s5 PI=15-20
plasticity No cap (sand)
Cwe=]10 Unknown
Cep=11.0 Unknown
Groundwater Factor Few= 0.9

Susceptibility Rating Factor

The Bone River site shows an SRF of 10, which would classify the site as being

of Low to Moderate susceptibility.

4.4 LAYER-LEVEL SUSCEPTIBILITY EVALUATION

Liquefaction susceptibility must also be evaluated on a layer-by-layer basis when
site-specific liquefaction potential and liquefaction-related hazards are assessed for
design purposes. While the deposit-level evaluation procedure described in Section 4.2
makes use of historical, geological, and groundwater data, layer-level evaluations focus

more on compositional characteristics.
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Soils that would be classified as clean sands must be considered as susceptible to
liquefaction; such soils may not liquefy if they are in a very dense state, but that aspect of
their behavior should be considered in an evaluation of their potential for liquefaction
initiation (Chapter 5). Gravelly soils should be considered to be susceptible to
liquefaction if they are bounded by materials of permeability sufficiently low to prevent
the dissipation of excess pore pressure during earthquake shaking.

The primary difficulty in evaluating liquefaction susceptibility lies in the
susceptibility of fine-grained soils and coarse-grained soils with high fines contents. For
many years, such soils were considered to be non-susceptible to liquefaction. Then, after
silty soils had been observed to liquefy in a number of earthquakes, the modified Chinese
criteria were recommended (Seed and Idriss, 1982; Seed et al., 1985) for evaluation of
liquefaction susceptibility of fine-grained soils. Following observations of liquefaction in
fine-grained soils for which the Chinese criteria indicated non-susceptibility, extensive
research on the liquefaction susceptibility of fine-grained soils was undertaken. At this
stage, two major studies have proposed criteria for evaluating the liquefaction
susceptibility of fine-grained soils. These criteria are consistent for some conditions and
differ for others; both were developed by using the field observations and laboratory
testing results of well-respected leaders of the geotechnical engineering profession. At
the present time, data sufficient to prove one or the other to be more appropriate do not
exist. As a result, both must be considered plausible, and both should be considered in a

liquefaction susceptibility evaluation.

4.4.1 Boulanger and Idriss (2005)

Boulanger and Idriss (2005) reviewed case histories and laboratory tests involving
the cyclic loading of different fine-grained soils. Boulanger and Idriss identified two
types of behavior that they described as “sand-like” and “clay-like” on the basis of stress
normalization and stress-strain behavior. Soils exhibiting sand-like behavior can be
considered susceptible to liquefaction. Soils exhibiting clay-like behavior are not
susceptible to liquefaction, although Boulanger and Idriss were careful to point out that

they may be susceptible to other forms of behavior that can lead to earthquake damage.
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Boulanger and Idriss found that soil plasticity characteristics determine whether
an individual soil is likely to exhibit sand-like or clay-like behavior, and proposed that
the distinction can be made on the basis of plasticity index, Pl. Figure 4.1 shows the
transition between sand-like and clay-like behavior observed by Boulanger and Idriss —
the soil is clearly sand-like at Pl <3 and clay-like at P > 8. While the transitional nature
of the soil behavior was emphasized, a simple (and conservative) guideline of Pl =7 was
recommended when a distinct indication of susceptibility is required and detailed

laboratory testing results are not available.

L] l L] I L] l L] l L]
Transition from sand-like
to clay-like soil behavior
CRRdsy—ﬁke B
CR Rsand—ﬁke
Recommended guideline in
absence of detailed laboratory testing
2 ' 'S l il ] 2 ] 'l T

0 2 4 6 8 10
Plasticity Index, PI

Figure 4.1. Transition from sand-like to clay-like behavior with plasticity index for fine-grained soils
(Boulanger and Idriss, 2005).
To quantify the transitional nature of observed sand-like to clay-like behavior, a
numerical relationship was established. The PI transition from clay-like to sand-like
behavior from Boulanger and Idriss (2005) can be described with a susceptibility index,

defined as

-2.0
lnPl 11.483
! { (1.843] (43)
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which has a value of 0.0 for clay-like behavior and 1.0 for sand-like behavior. The
relationship between Sg; and the graphical relationship presented by Boulanger and Idriss

is shown in Figure 4.2.

0.8 _ ;
Equation 4.1 \
5 06 ; '.'
® : !
04 i
0.2
) Ay Boulanger and
s 4 . Idriss bounds
0 2 4 6 8 10

Pl

Figure 4.2. Relationship between SBI and Boulanger and Idriss (2005) transition zone boundaries.

4.4.2 Bray and Sancio (2006)

Bray and Sancio (2006) investigated fine-grained soils that liquefied during the
1994 Northridge, 1999 Kocaeli, and 1999 Chi-Chi earthquakes and proposed new
compositional criteria for liquefaction susceptibility evaluation. In addition to the
plasticity index, Bray and Sancio found the ratio of water content to liquid limit (w./LL)
to also influence liquefaction susceptibility. Bray and Sancio found soils with Pl < 12
and w./LL > 0.85 to be consistently susceptible, and soils with PI > 18 or w,/LL < 0.80 to
be consistently non-susceptible to liquefaction. Other soils were considered to be
moderately susceptible, with testing recommended to further establish their liquefaction
susceptibility. Figure 4.3 shows the boundaries of the most-likely, moderately, and

unlikely zones of liquefaction susceptibility recommended by Bray and Sancio (2006).
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Figure 4.3. Ranges of w,/LL and plasticity index for various susceptibility categories according to
Bray and Sancio (2006).

A function similar to that used to approximate the Boulanger and Idriss criterion
can be developed to quantify Bray and Sancio’s susceptibility criteria. The equation is

simply the product of two terms that have same general form as Equation 4.5, i.e.,

-2.0

33.077 1720 360.471
Sgs = 1+[m] 1+ _ 4401 (4.6)
2.778 In(w, /LL)

These equations were determined by assuming the boundary between susceptibility and
non-susceptibility to be uniformly distributed within the ‘moderately susceptible’ zone of
Bray and Sancio, and by fitting a function that would have the same mean and variance
with respect to both Pl and w./LL. As in Equation 4.5, a value of 0.0 indicates non-
susceptibility and 1.0 indicates susceptibility. A three-dimensional view of Sgs is shown
in Figure 4.4. Equation 4.6 represents Bray and Sancio’s “moderate susceptibility” zone
as a smooth transitional zone in which Sgg varies from near 0.0 to near 1.0. The
expression for Sgg provides a quantitative indication of liquefaction susceptibility

according to the procedure of Bray and Sancio (2006).
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Figure 4.4. lllustration of variation of Sgs with plasticity index and w¢/LL ratio
based on Equation 4.2.

Note that the Bray and Sancio model strictly predicts non-susceptibility for non-
plastic soils (Pl = 0) at w,/LL ratios lower than 0.8. This aspect of the model is
inconsistent with the definition of liquefaction susceptibility employed in this document
because it appears to mix the susceptibility issue with the initiation issue (given that non-
plastic soils at low water contents may not liquefy because their high density gives them

high resistance to initiation rather than because they are inherently non-liquefiable).

4.4.3 Discussion

The susceptibility models of Boulanger and Idriss (2005) and Bray and Sancio
(2006) are consistent for non-plastic fine-grained soils with high water contents (e.g., for
Pl <4 and w, > 0.85LL) and for plastic fine-grained soils (Pl > 20). For fine-grained
soils of moderate plasticity (4 < Pl <20) and lower water contents (W, < 0.85LL),
however, they can produce different indications of liquefaction susceptibility. Some of

this difference is likely due to semantics, specifically what is considered to constitute
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“liquefaction.” Bray and Sancio’s model considers a wider range of soils to be
susceptible to liquefaction than does the model of Boulanger and Idriss. However,
Boulanger and Idriss provide a more limited definition of liquefaction. In a somewhat
simplified sense, Bray and Sancio’s model identifies fine-grained soils that are
susceptible to the development of significant strains and potential reduction of strength.
Boulanger and Idriss’ model identifies soils that have those characteristics and exhibit
what they refer to as sand-like behavior. From a practical standpoint, one might wonder
whether the difference is significant because the development of significant strain and the
reduction of strength can lead to physical damage regardless of the responsible behavioral
mechanism(s). The main implications of the difference lie in the applicability of
common procedures for evaluating the potential for initiation of liquefaction — these
procedures are based on case histories that involve predominantly clean sands and non-
plastic silty sands. The question of whether penetration-based liquefaction potential
procedures can be reliably applied to moderately plastic fine-grained soils has not been

definitively answered.

45 SUSCEPTIBILITY INDEX
At the present time, the susceptibility models of Boulanger and Idriss (2005) and

Bray and Sancio (2006) offer valid, defensible, yet different approaches to the evaluation
of liquefaction susceptibility. While it may be argued that they treat the definition of
liquefaction somewhat differently, both are useful in identifying soils that are likely to
exhibit liquefaction, or at least liquefaction-like, behavior. Until sufficient evidence
becomes available to indicate that one of these approaches, or yet another approach,
provides a more reliable indication of liquefaction susceptibility than the other, it is
recommended that both approaches be considered in a liquefaction susceptibility

evaluation.

4.5.1 Combination of Sg; and Sgs
Equations 4.5 and 4.6 can be used to provide a quantitative estimate of
susceptibility to liquefaction. The definitions of Sg; and Sgg allow the susceptibility

models of Boulanger and Idriss (2005) and Bray and Sancio (2006) to be combined to
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provide a single index for liquefaction susceptibility estimation. Given the two
susceptibility estimation equations (Equation 5.1 and Equation 5.2) proposed by well-
known and widely respected researchers, one can evaluate liquefaction susceptibility by
using a weighted average of both methods. Therefore, the final liquefaction susceptibility

for a given soil condition can be expressed as a “Susceptibility Index” defined as
SI = w;Sg; + W,Sgs 4.7)

where W; and W, are user-defined weighting factors subject to the constraint that both are
nonnegative and W; + W, = 1. The Susceptibility Index from Equation 4.7, therefore,

ranges from 0.0 to 1.0.

45.2 Effects of Parametric Uncertainty

The preceding relationships for Sg; and Sgs assume that the parameters on which
the susceptibility evaluations are based, Pl and w,/LL, are known with certainty. As a
result, the transitions in Sgr and Sgs are quite sharp as illustrated, for example, in Figure
4.5. In reality, there is some uncertainty in the measurement of PI, w,, and LL. This
uncertainty can be expected to lead to additional uncertainty in the prediction of Sg; and
Sgs, and, consequently, also in Sl.

Phoon and Kulhawy (1999a,b) tabulated data for 33 different soils and found that
the average coefficient of variation, C.0.V., of the plasticity index was 0.29. The
average coefficients of variation for w, and LL were both found to be 0.18. Huang (2008)
added this parametric uncertainty to the model uncertainty expressed in equations 4.5 and

4.6 to produce revised expressions for SBI and SBS, i.e.,

6.676 1720
o] @9
13.077 7120 3604717720
S, = 1+(lnPlj L[ 4401 4.9)
2.778 In(w, /LL)
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Figure 4.5. Variation of Sl based on equal weighting of Boulanger-Idriss and Bray-Sancio
susceptibility models. Effects of parametric uncertainty not included.

Substituting these expressions into Equation (4.7) produces an expression for Sl that
includes the effects of parametric uncertainty, and thereby eliminates the sharp transitions
found in the preceding expression. This result, illustrated graphically in Figure 4.6,

shows the significant effects of parametric uncertainty and is used in the WSliq code.
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Figure 4.6. Variation of SI based on equal weighting of Boulanger-Idriss and Bray-Sancio
susceptibility models. Effects of parametric uncertainty included.

4.6 RECOMMENDATIONS

Liquefaction-susceptible soils, as defined in this document, are those for which
liquefaction is possible under some level of earthquake loading. With that definition in
mind, all clean sands should be considered susceptible to liquefaction. Gravels should be
considered susceptible to liquefaction when drainage is impeded by the presence of less
permeable soils. Non-plastic (Pl = 0) fine-grained soils should also be considered
susceptible to liquefaction.

At this point, evaluations of liquefaction susceptibility for fine-grained soils with
some plasticity should consider both the Boulanger-Idriss and Bray-Sancio criteria.
When both agree and produce low Sl values (Sl less than about 0.2), the soil may be
considered non-susceptible. When both agree and produce high Sl values (S| greater than
about 0.8), the soil should be considered susceptible. Soils for which Sg; and Sgg are
significantly different may be soils for which available penetration-based liquefaction

potential procedures are of questionable applicability; the liquefaction susceptibility of
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such soils should be carefully evaluated on a case-by-case basis, and the soil may require

cyclic testing for evaluation of their potential behavior.

4.7 EXAMPLES

The proposed procedure for layer-level screening of liquefaction susceptibility
can be illustrated by a series of examples. The examples illustrate cases in which soils
are clearly susceptible and non-susceptible but focus on conditions for which

susceptibility is not as clear.

Case 1: Silty sand with PI=1, w,=LL

Values Sl value | Comments
High likelihood of liquefaction. Would be considered
Spr=1.00 0.88 susceptible by both Boulanger-Idriss and Bray-Sancio
Sps=0.76 ' criteria when applied deterministically; Sl value is less than
1.0 because of uncertainty in measured W./LL ratio.

Case 2: Silty sand with PI =3, w, =0.9LL

Values Sl value | Comments
High likelihood of liquefaction. Both Boulanger-Idriss and
Sp1 = 0.96 0.80 Bray-Sancio values are greater than 0.5; Sl value is less
Sps =0.63 ' than 1.0 primarily because of uncertainty in measured w./LL
ratio.

Case 3: Silty sand with PI =6, w,=0.9LL

Values Sl value | Comments

Moderate likelihood of liquefaction. Boulanger-Idriss value
less than 0.5 and Bray-Sancio value greater than 0.5.
Spr=0.40 051 Deterministically, both Boulanger-Idriss and Bray-Sancio
Sps = 0.63 ' would classify as susceptible, but Boulanger-Idriss would
be borderline classification. Treat as susceptible unless
proven otherwise (by laboratory testing).

Case 4: Silty sand with PI =9, w, = 0.85LL

Values Sl value | Comments

Mixed likelihood of liquefaction. Would be considered
non-susceptible by Boulanger-Idriss and susceptible by

gBI z(())ggl 0.30 Bray-Sancio criteria when applied deterministically.
BS ) Differences in Sp; and Sgg are large — laboratory testing
recommended.
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Case 5: Silty sand with PI=5, w, =0.8LL

Values Sl value | Comments
Moderate likelihood of liquefaction. Would be considered
Sy = 0.62 susceptible? by .Boplanger-ldris‘s and non—§u§c§ptib1e by
Sps = 0" 45 0.54 Bray-Sancio criteria when applied deterministically. Low

W, may be indication of sufficiently high density to preclude
initiation, but should be considered susceptible.

Case 5: Silty sand with PI=15, w, =0.9LL

Values Sl value | Comments
Low likelihood of liquefaction. Would be considered
Sp1=0.01 0.16 strongly non-susceptible by Boulanger-Idriss and
Sps =0.31 ' moderately susceptible by Bray-Sancio criteria. Candidate

for laboratory testing.

Case 5: Silty sand with PI =15, w, =0.75LL

Values Sl value | Comments
Sei=0.01 Very low likelihood of liquefaction. Would be considered
SBI —0.17 0.09 | non-susceptible by both Boulanger-Idriss and Bray-Sancio
Bs = 0.

criteria.
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Chapter 5

Initiation of Liquefaction

5.1 INTRODUCTION

Evaluating the potential for initiation of liquefaction is one of the most important
parts of a liquefaction hazard evaluation. A soil that is judged to be susceptible to
liquefaction (Chapter 4) may not liquefy if the anticipated level of ground shaking is not
strong enough to overcome the inherent liquefaction resistance of the soil. Evaluating the
potential for initiation of liquefaction, referred to subsequently as liquefaction potential,
involves comparing the anticipated level of loading produced by earthquake shaking at a
particular site with the liquefaction resistance of the soil at that site.

The initiation of liquefaction depends on the level of anticipated ground shaking
and is quite sensitive to the density of the soil. In situ soil density, however, is
notoriously difficult to measure, particularly for the types of loose, saturated,
cohesionless soils that are normally of concern in a liquefaction evaluation; techniques
that attempt to measure in situ density frequently disturb the soil in a way that changes
the density. As a result, measurements of density are usually replaced by measurements
of penetration resistance—standard penetration test (SPT) and/or cone penetration test
(CPT). Procedures for evaluating liquefaction potential based on both are presented in
this chapter.

As described in Chapter 2, seismic environments vary tremendously from highly
active areas in western Washington to relatively inactive areas in eastern Washington.
Even within western Washington, the seismicities of different areas can vary
substantially, particularly with respect to the magnitudes of earthquakes that can occur.
Because magnitude is a critical parameter in the characterization of earthquake loading in
conventional liquefaction potential analyses, it is important that such analyses properly
account for the range of magnitudes that can occur at a particular site. The manner in
which magnitude should be represented in liquefaction potential analyses has been a

subject of some controversy in geotechnical earthquake engineering. The controversy
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has resulted, however, from the desire to minimize the number of calculations required to
evaluate liquefaction potential, which requires that the range and distribution of
earthquake magnitudes that produce strong ground motion at a particular site be
represented by a single magnitude. This issue is resolved by the research described in
this report, and the entire distribution of magnitudes can be easily included in the
liquefaction potential calculations for any site in Washington State by using the WSliq

program.

5.2 BACKGROUND

The state of practice of liquefaction potential evaluation has essentially changed
only incrementally over the past 20 years. The cyclic stress approach, in which both
loading and resistance are characterized in terms of cyclic shear stress amplitudes,
remains the most commonly used in practice. The most commonly used form of the
cyclic stress approach is that recommended by participants at a 1996 National Earthquake
Hazards Reductions Program (NEHRP) workshop and described by Youd et al. (2001).
Since that time, a great deal of research on soil liquefaction has been performed, and
many papers have been added to the liquefaction literature. Nearly all of those papers
have dealt with detailed investigations of different components of the cyclic stress
approach or with its application to case histories in which liquefaction was (or was not)
observed. Inrecent years, two additional cyclic stress-based procedures have been
developed: a deterministic procedure by Idriss and Boulanger (2004) and a probabilistic
procedure using SPT data (Cetin et al., 2004) and/or CPT data (Moss et al., 2006). The
Idriss and Boulanger (2004) procedure is significant because it brings a unifying element
of soil mechanics into the procedure in a way that has not previously existed; it is based
on a critical state framework that was not sufficiently developed at the time that the
NEHRP and earlier procedures were developed. The Cetin et al. (2004) and Moss et al.
(2006) procedures are notable not only for their relatively advanced statistical basis but
also for the thorough and consistent manner in which their case history databases were
assembled and vetted.

Taken together, the NEHRP, Idriss and Boulanger, and Cetin/Moss procedures

are considered to provide the best currently available coverage of the problem of
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liquefaction initiation. The procedures are based on different data sets, model different
components of the cyclic stress approach differently, and produce generally consistent,
but somewhat different, results. They have different historical rates of usage and
different levels of mechanistic accuracy. Each has advantages and limitations with
respect to each other, and none can be considered, on the basis of available evidence, to
be clearly superior to the others. As discussed in Section 5.6, the use of all of these
methods is recommended to produce a stable and consistent final liquefaction potential
evaluation that reflects the strengths of each. The following sections provide a brief
description of the salient features of each procedure; the intention is not to describe the
details and justification for each — users are expected to read the references to obtain that
information — but to illustrate the manner in which they compare and contrast with each

other.

5.3 REQUIRED INFORMATION

Evaluation of liquefaction potential requires comparison of the anticipated level

of loading imposed on a soil profile with the inherent resistance of the soil profile to
liquefaction. Since both loading and resistance can vary with depth, the potential for
liquefaction must be evaluated at different depths within the soil profile of interest. The
key to the evaluation process is the expression of both loading and resistance in common
terms. Usually, both are expressed in terms of normalized cyclic shear stress amplitudes
known as the cyclic stress ratio (CSR) for loading, and the cyclic resistance ratio (CRR)
for resistance. The cyclic stress approach defines loading in terms of cyclic shear stress
amplitudes, which can be obtained from site response analyses or by correlation to peak
ground acceleration. Peak ground acceleration is usually tied to a particular hazard level,
as represented by a mean annual rate of exceedance (or a return period). The peak
acceleration would be obtained from a seismic hazard curve, which is the result of a
probabilistic seismic hazard analysis (PSHA). PSHAs may be performed on a site-
specific basis for important projects but are more commonly obtained from the USGS

National Seismic Hazard Mapping Project (http://geohazards.cr.usgs.gov/eq/).

Site response analyses require definition of stiffness and damping characteristics

throughout the soil profile (including non-liquefiable layers that may be located above or
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below the layers of interest); these characteristics may be measured directly (e.g., shear
wave velocity measurements) or correlated to other measured parameters (e.g., SPT
resistance). Correlation to peak ground acceleration is frequently accomplished by using
amplification factors, which require knowledge of local surficial geology. Ground
motion duration effects are accounted for by specification of earthquake magnitude,
which is used to adjust the cyclic shear stress amplitude. To account for duration effects
that are not reflected in peak acceleration values, the cyclic stress approach also makes
use of earthquake magnitude. Because ground motions are typically specified by means
of PSHA, a specific ground motion level comprises contributions from many different
magnitudes. Therefore, the distribution of magnitude is required for an accurate
evaluation of liquefaction potential. Such information can be extracted from a site-
specific PSHA or from the deaggregation files available from the USGS National Seismic
Hazard Mapping Project (http://geohazards.cr.usgs.gov/eq/).

Evaluation of liquefaction potential requires accurate characterization of
subsurface conditions by using sufficient sampling to allow definition of soil type and
fines content and in situ penetration (SPT and/or CPT) tests as indicators of the density of
potentially liquefiable soil layers. The subsurface investigation should establish the
depths and thicknesses of all liquefaction-susceptible soil layers and should define
penetration resistance and fines content profiles in all such layers. Such testing should
also establish the plasticity index for soils with significant amounts of fines; as discussed
in Chapter 3, liquefaction susceptibility is strongly influenced by fines plasticity.
Because liquefaction resistance is evaluated by correlation to penetration resistance, it is
imperative that it be determined accurately. SPT testing is notoriously equipment- and
operator-dependent, so efforts must be expended to ensure that standard
equipment/procedures, or accurate corrections for non-standard equipment/procedures,
are used. Appendix A describes standard SPT equipment and procedures and provides
procedures for correcting measured penetration resistances for deviations from those
standards. CPT testing, due in part to its more recent introduction into practice, is

considerably more standardized and less operator-dependent than SPT testing.
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54 PROCEDURES

The basic procedure for evaluating liquefaction potential involves characterization

of loading and resistance, which are described in order in this section. Liquefaction
resistance can be determined on the basis of SPT resistance or CPT resistance;
procedures for both are presented. As previously discussed, a number of liquefaction
evaluation procedures are available in the literature, and it is important to recognize that
each represents a specific approach to the problem. Although they frequently share
common terms and notation, they are usually developed in such a way that multiple terms

are inter-related; therefore, one cannot mix and match terms from different procedures.

5.4.1 Characterization of Loading

Earthquake loading is characterized, for the purposes of liquefaction potential
evaluation, by a cyclic stress ratio, CSR, that can be defined in two ways: (1) by
calculating the maximum shear stress at the depth of interest from the results of a site-
specific ground response analysis, or (2) by estimating the maximum shear stress at the
depth of interest from peak ground surface acceleration and a depth reduction factor that
represents the variation of shear stress amplitude with depth for typical soil profiles.

The procedure for characterization of earthquake loading can be accomplished in
the following series of steps:

1. Determine the governing ground motion criterion. In conventional

liquefaction potential evaluations, ground motions are specified in terms

of specific hazard levels, e.g., as a motion with a 10 percent probability of

exceedance in a 50-year period, which corresponds to a 475-year return

period. The performance-based approach developed in this research takes

all hazard levels properly into account; in that case, a governing ground

motion criterion is not needed, as discussed in Section 5.6.3.

2. Determine the peak ground acceleration associated with the governing

ground motion criterion. For special projects, the characteristics of such

motions can be obtained from a site-specific probabilistic seismic hazard

analysis (PSHA). For most projects, however, these parameters can be

obtained from regional PSHAs performed by the USGS National Seismic
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Hazard Mapping Project (http://geohazards.cr.usgs.gov/eq/). The peak

ground accelerations obtained from the USGS website correspond to “firm
rock” sites (average shear wave velocity of 760 m/sec, or 2,500 ft/sec,
within the upper 30 m). The use of the 2002 USGS data is recommended
at this time. A database of USGS hazard data on a grid across Washington
State is built into the WSliq program; this eliminates the time and effort
required to download and process hazard data from the USGS website.
Step-by-step procedures for expanding and/or updating the hazard
database are described in the WSliq User’s Manual (Appendix H). The
database can be used to interpolate to any return period of interest

(between 72 and 4,975 years).

. Account for the effects of local site conditions. Local site conditions are

known to strongly affect earthquake ground motions, and it is imperative
that they be accounted for in an evaluation of liquefaction potential. The
results of a PSHA will generally provide a peak acceleration value at a
particular point in a soil profile (typically at the ground surface for a site-
specific PSHA, or at a bedrock outcrop for a USGS PSHA). The
corresponding motions at the depths of potentially liquefiable soil layers
must then be computed. This can be accomplished by rigorous or

simplified approaches.

a. Rigorous approach. Perform site-specific ground response analyses to
compute the cyclic shear stresses for the actual subsurface conditions
at the site. These analyses should be performed with a suite of at least
seven different input motions all scaled to be consistent with the
ground motion hazard obtained from the PSHA. The peak cyclic shear
stress amplitudes at the depths of interest should be taken as the
averages of the peak values produced by the site-specific analyses.

The advantage of this approach is that it considers the actual soil
profile and its effects on the transmission of seismic waves from
bedrock to the ground surface, thereby providing, at least in theory, a

more accurate indication of loading. The disadvantage is that it
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requires site-specific ground response analyses with appropriately
scaled earthquake ground motions, which can be time-consuming to
prepare.

In the rigorous approach, the cyclic shear stress is then normalized by

initial vertical effective stress to obtain a cyclic stress ratio defined as

CSR = 0.65—max (5.1)
o' -MSF

where T,y 1S the peak cyclic shear stress, 6y, is the initial vertical
effective stress, MSF is a magnitude scaling factor that accounts for
ground motion duration by empirical correlation to magnitude (Table
5.1), and the 0.65 factor is a relic of early liquefaction potential
evaluation procedures (which helped relate transient earthquake
loading to harmonic laboratory loading) that has been retained in
contemporary procedures.

The rigorous approach is recommended when a strong impedance
contrast exists within or at the bottom of any potentially liquefiable
layer. For liquefaction potential evaluation purposes, a strong
impedance contrast is defined as a boundary between materials where
the shear wave velocity of the upper material is less than 70 percent of

the shear wave velocity of the material immediately beneath it.

Table 5.1. Calculation of magnitude scaling factor by methods of NCEER and
Idriss and Boulanger. Cetin/Moss models do not make use of magnitude scaling

factor.
NCEER (Youd et al., 2001) Idriss and Boulanger (2004)
75 2.95
(M_j Mu =73 6.9 M,, /4]-0.058
MSF ={\ W/ MSF:min{ Sexpl=My 741-0. }
= M, >7.5
M w
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Figure 5.4 shows the variation of the magnitude scaling factor (MSF)
with magnitude for the two procedures that make use of a magnitude
scaling factor. In both cases, the MSF value decreases with increasing
magnitude, which causes the CSR to increase with increasing
magnitude. The result is a higher level of loading for higher
magnitude (hence, longer duration) events, all other things being

equal.

35

3.0 NCEER

_— Idriss & Boulanger

Magnitude scaling factor, MSF

05

0.0

Moment magnitude, M,,

Figure 5.1. Variation of magnitude scaling factor with earthquake magnitude for
NCEER and Idriss and Boulanger models.

b. Simplified approach. The simplified approach estimates cyclic shear

stress amplitudes from peak ground surface accelerations by using
semi-empirical functions that describe the average behavior of many
different soil profiles. The peak ground surface accelerations can be
obtained from site-specific ground response analysis, but since those
analyses can predict cyclic shear stresses in potentially liquefiable
layers directly, they are not used with the simplified approach. Peak
ground surface acceleration is usually obtained by multiplying bedrock
peak acceleration values by amplification factors expressed as

functions of mapped surface geology. The amplification factors,
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which account for nonlinear response at higher levels of shaking, can
be estimated as
ln F = o + B ln(amax)rock (5.2)

where a and B are as given in Table 5.2.

Table 5.2. Coefficients for estimation of peak ground surface acceleration
amplification factor (after Stewart et al. 2003).

Surface Geology Category o B

Quaternary alluvium -0.15 -0.13
Holocene lacustrine/marine -0.59 -0.39
Holocene coarse -0.11 -0.10
Holocene fine/mixed -0.50 -0.33
Pleistocene 0.14 0.02
Tertiary 0.23 -0.02
Mesozoic + Igneous -0.13 -0.08

Compute the cyclic stress ratio. For all potentially liquefiable layers,
compute CSR as

CSR = 0.652mx . Fv . _Ta
g o. MSF

Vo

(5.3)

where amax = peak ground surface acceleration (from Step 3), g =
acceleration of gravity (in same units as amax), Ovo = total vertical
stress at depth of interest, and rq = depth reduction factor determined

as indicated in Table 5.3.
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Table 5.3 Depth correction factor calculation.

NCEER (Youd et al., 2001) Idriss and Boulanger (2004)

ry =expla(z) + (M, ]

where
([ z
. 1-0.4113z"° +0.04052z + 0.001753z"° a(z)=-1.012- 1.126s1n(11 3 + 5.133)
¢ 1-0.41172 +0.05729z - 0.0062052"° +0.00121z
where 7 is the depth below the ground surface in | 8(z)=0.106 + 0.1 185in( Z_. 5,142j
meters. 11.28

with z in meters and limited to a
maximum depth of 20 m, below
which the use of site-specific
response analysis is recommended.

The variation of rq with depth for the NCEER and Idriss and Boulanger
procedures is similar; the Cetin/Moss procedures do not break rq out as a separate
variable, although they both account for depth effects in a different manner. Although
they differ slightly, all are consistent in producing a trend of decreasing shear stress

amplitude with depth, which is consistent with wave propagation theory.

5.4.2 Characterization of Resistance

Liquefaction resistance is generally characterized by some form of penetration
resistance modified to account for a variety of additional variables that can affect
liquefaction resistance. Historically, liquefaction resistance has been most commonly
correlated to SPT resistance. In recent years, however, additional case histories with CPT
data have become available and have been used to develop improved correlations
between liquefaction resistance and CPT tip resistance. CPT-based methods can be
considered reliable, provided that they are supplemented by information sufficient to
confirm the soil types inferred from the CPT test; such information is usually obtained
from soil borings.

Procedures for characterizing liquefaction resistance of sands and silty sands

based on SPT and CPT testing are presented in the following section. Note that the
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reliability of any liquefaction hazard evaluation will be improved by performing both

SPT- and CPT-based liquefaction potential analyses; the use of both procedures should

be considered for projects with difficult soil conditions and/or severe consequences of

liquefaction.

5.4.2.1 SPT-Based Resistance

SPT-based liquefaction evaluation procedures are based on the correlation of

liquefaction resistance to the corrected standard penetration resistance of the soil. The

correction process involves the application of a number of correction factors to the field-

measured SPT resistance. The process can be accomplished in the following steps:

1.

Develop profiles of the measured SPT resistance and fines content within
all potentially liquefiable soils. The SPT equipment and procedures used
to obtain the measured SPT resistances should be recorded during the site
investigation and considered during the liquefaction potential evaluation
process. The importance of accurate SPT measurements on the reliability
of a liquefaction hazard evaluation cannot be overemphasized.
Interpolation of SPT resistances and fines contents between the points at
which they are measured should be done with due consideration of site
geology.

Correct the measured SPT resistances for deviations from standard
equipment and procedures. Corrections for rod length, sampler type,
borehole diameter, and energy are described in Appendix A.

Compute clean sand corrected SPT resistance. The presence of fines is
accounted for by a fines correction. The NCEER and Idriss and
Boulanger procedures specify fines corrections as indicated in Table 5.4.
The Cetin procedure accounts for the effects of fines, along with other

parameters, in an equation (Equation 5.5) described subsequently.
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Table 5.4 Clean sand SPT value calculation

NCEER (Youd et al., 2001)

Idriss and Boulanger (2004)

(N1)60,cs =a+ B(N,)q

where
0 FC <5%
a={expll.76-190/FC?] 5% < FC <35%
1.0 FC >35%
1.0 FC <5%
B=1099+FC'* /1000 5% < FC <35%
12 FC > 35%

and FC is in percent.

(N1)6O,cs = (N1)60 + A(N1)60

where

1.63+9i—

FC

15.7

FC

|

AN, = exp{

and FC is in percent.

4. Compute the cyclic resistance ratio at a standard vertical effective stress

of 1 atm. Table 5.5 presents equations for calculating CRRy— 4im as

functions of (N;)eo.cs for the NCEER and Idriss-Boulanger procedures.

The Cetin equation includes terms that account for in situ vertical effective

stress, so this step is not required in that procedure.

Table 5.5 Calculation of cyclic resistance ratio at 1 atm

NCEER (Youd et al., 2001)

Idriss and Boulanger (2004)

1
3“'_(N1)60,cs

N
135

CRRG'=1 atm =

50 1
+ > =
(10(N) g s +45] 200

CRRG':I atm = exp|:

{

(Nl)éo,cs + (Nl)60,cs
14.1 126
(NI)GO,CS

J %

r
o

(Nl )60,cs
23.6

5. Compute the cyclic resistance ratio at the in situ vertical effective stress.

The NCEER and Idriss & Boulanger procedures require that the value of
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CRR be adjusted to account for the in situ vertical effective stress using
the relationships
CRRs = CRRy= atm Ko (5.4)

and the expressions for K, are shown in Table 5.6.

Table 5.6 Calculation of overburden stress correction factor, K

NCEER (Youd et al., 2001) Idriss and Boulanger (2004)
1-C, ln(a = j
' f-1 pa
(O- = J K, = min
Pa
K, =min 1.0
1.0
where
c 1
where f=0.7 — 0.8 for D, = 40 — 60% and o=
r 18.9-2.55,/(N
f=0.6—0.7 for D, = 60 — 80%. (ND o
and (N1)e0.cs 1s limited to a maximum
value of 37.

The Cetin et al. procedure allows direct computation of CRR at the in situ vertical

effective stress as

(N,)g(1+0.004FC) —29.53InM,, —3.7In(g/ p,) +0.05FC —16.85+2.700 ' (P,)
p
13.32

CRR_. =ex (5.5)

where p, is atmospheric pressure (in the same units as ¢’y,) and Py is the probability of
liquefaction. Py values of 0.6 have been found to produce results that are generally
consistent with the NCEER procedure, however, Cetin et al. recommend deterministic

analyses be performed with Pp = 0.15.

5.4.2.2 CPT-Based Resistance
CPT procedures have been developed that are similar to SPT-based procedures.
Until relatively recently, however, fewer data have been available with which to calibrate

CPT procedures than SPT procedures. Recent studies, however, have developed and
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vetted a significant database of case histories for which CPT data are available, thereby
allowing development of new CPT-based procedures.

CPT-based procedures are affected by the fact that no sample is obtained in a
cone penetration test. Because SPT-based procedures have shown that liquefaction
resistance is affected by fines content (which can be measured with the samples obtained
from that test), CPT-based procedures must attempt to account for the presence of fines
indirectly, i.e., by using parameters measured in the CPT test, typically the friction ratio.
The implications of this requirement on recommended procedures are discussed in
Section 5.6.

CPT-based liquefaction evaluation procedures are based on correlations between
liquefaction resistance and corrected CPT tip resistances. The correction process and the
use of corrected tip resistances to compute CRR can be accomplished in the following
steps:

1. Develop profiles of measured CPT tip resistance, qcm, and sleeve

resistance, fsm, within all potentially liquefiable soils. CPT data is usually

acquired digitally, so this data is typically contained in an ASCII file.

2. Develop a profile of friction ratio, computed as

Rt =E-100% (5.6)
Qem
within all potentially liquefiable soils.

3. Adjust the measured tip resistance for effective overburden pressure as
Ao = CnGem (5.7)

Expressions for Cy are presented in Table 5.7.

Table 5.7 Calculation of overburden stress adjustment factor, Cy

Idriss and Boulanger (2004) Moss et al. (2006)
, o \1:338-0.249(qg, / py )2 . —c
o o
Cy=|— <1.7 Cy=|—2
) ( P J ' ( P, J
Note: Since (. is required to where
compute Cy (on which g B 033 21 )oszq;‘]-”fo.m
depends), iteration is required. ¢ =0.78q, (Rf [log(10+q,)|
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4. Normalize the corrected tip resistance as

Jein = qcl/pa

(5.8)

5. Compute the clean sand corrected CPT resistance. The effects of fines

can be accounted for by a fines correction using the relationship

qclN,cs = chcl N

(5.9)

where K. is a fines correction factor (Table 5.8).

Table 5.8 Calculation of fines correction factor, K,

Idriss and Boulanger (2004)

Moss et al. (2006)

1.0 for FC<5%

FC > 5%

Idriss and Boulanger do not recommend a fines
correction for FC > 5%. Therefore, their model
is directly applicable only for clean sands; it
will produce conservative results when applied
to silty sands.

undefined for

Moss et al. (2006) use friction ratio as a proxy
for fines content in the equation shown in Step
8; therefore, no specific fines correction is
required for that model.

6. Consider the potential for “thin layer effects” associated with relatively

thin, stiff layers within the profile. The presence of thin granular layers

within softer materials, which is not uncommon in many fluvial deposits,

can lead to measured CPT resistances that under-represent the actual

density of the thin granular layer. Thin layer correction procedures have

been proposed; however, they are based on elastic theory, which is

considered to have limited applicability to the liquefaction problem.

There is little question those CPT resistances near layer boundaries can be

locally influenced by those boundaries, and that individual (., values

within about 1 m of such boundaries can be inaccurate. For the most

common case of a granular layer sandwiched between softer layers, the

effect of the softer layers will be to reduce the measured tip resistance,

which will lead to a conservative estimate of liquefaction potential. If

such conditions exist and result in a conclusion of marginal liquefaction

potential (e.g., a factor of safety slightly above or below 1.0), the
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reasonableness of the result should be re-evaluated with consideration of
site stratigraphy, depositional environment, and available soil sample data.
7. Compute the cyclic resistance ratio at a standard vertical effective stress

of 1 atm. Table 5.9 presents equations for calculating CRRs-1 4m as

functions of g¢n.

Table 5.9 Calculation of cyclic resistance ratio at 1 atm vertical effective stress.

Idriss and Boulanger

2 3 4
CRR__ m =€Xp Ocin n Qv | [ Gein 4 Ocin 3

Moss et al.

See Step 8

8. Compute the cyclic resistance ratio at the in situ vertical effective stress.
The value of CRR is adjusted to account for the in situ vertical effective

stress by using the relationships
CRRy = CRRy=1 atm Ko (5.10)

and the expressions for K, are shown in Table 5.10.

Table 5.10 Calculation of overburden stress correction factor, K,

Idriss and Boulanger (2004)

1-C, h{GV"}
P.

1.0

K, =min

where

c - 1
7 37.3-8.27(q,, )"

and ¢y is limited to a maximum value of 211.
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The Moss et al. procedure allows direct computation of CRR at the in situ vertical

effective stress as (Eq. 5.11)

., +0.11Rq,, +0.001R; +c(1+0.85R,)—0.848InM,, —0.002In 5,, — 20.923 +1.632d ' (P,)

CRR =exp
7.177

where C is the exponent calculated in Step 3.

5.4.3 Evaluation of Liquefaction Potential

After loading has been expressed in terms of the cyclic stress ratio and resistance
has been expressed in terms of the cyclic resistance ratio, liquefaction potential can be
expressed in terms of a factor of safety against liquefaction defined as
CRR(2)

=R

(5.12)

where CSR(2) is the value of the cyclic stress ratio at depth z, which was computed in
Step 4 of Section 5.4.1, and CRR(z) is the cyclic resistance ratio at the same depth, which
was computed in Step 5 of Section 5.4.2.1 (for SPT-based case) or Step 8 of Section
5.4.2.2 (for CPT-based case).

5.5 DISCUSSION

The deterministic cyclic stress approach to evaluating liquefaction potential has
been used for the past 40 years. Its results have been shown to be biased toward
conservatism (i.e., to predict “false positives” much more frequently than “false
negatives”), which was the intent of its developers. When used for design with factors of
safety in the typical range of 1.2 to 1.5, it will only rarely result in the occurrence of
liquefaction at a site with an acceptable factor of safety. However, it may very well
predict the occurrence of liquefaction at a site that would actually not liquefy under
design-level loading.

The cyclic stress approach has one characteristic that complicates its used in the
type of more advanced and complete evaluations of liquefaction hazard that the
geotechnical engineering profession is moving toward with the development of
performance-based earthquake engineering. In the cyclic stress approach, the

characterization of loading requires two pieces of earthquake-related information: the
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peak ground surface acceleration and the earthquake magnitude. The fact that hazard
levels are usually specified solely in terms of peak acceleration (e.g., the peak
acceleration at a particular return period) has led to confusion among professionals about
how to specify a corresponding magnitude in a single-scenario analysis. Some engineers
propose using modal magnitude (i.e., the magnitude that produces the strongest
contribution to peak acceleration at the return period of interest) and some propose using
mean magnitude. The short answer is that, for Washington State, the use of mean
magnitude produces results that are closer to those computed with the entire distribution
of possible magnitudes than does use of modal magnitude. The fact that the value of the
mean magnitude itself may not contribute strongly to peak acceleration at a particular
location should not be any more troubling than the fact that 3.5, the expected value of the
numbers returned by multiple tosses of a fair die, does not appear on any of the faces of

that die.

5.6 RECOMMENDATIONS

The following sections present recommendations for the evaluation of

liquefaction potential in Washington State. It must be recognized that the procedures
described in this chapter allow evaluation of the potential for initiation of liquefaction.
However, the fact that liquefaction is initiated at a particular site does not, by itself, mean
that significant damage will occur. The potential for liquefaction-related damage, which
is much more closely related to permanent deformations than to the generation of high
porewater pressures (which is all that the initiation of liquefaction implies) depends on
the effects of liquefaction — for example, lateral spreading, settlement, and/or instability,
which are covered in subsequent chapters. Nevertheless, one strategy, which may be
appropriate in cases where very loose soils exist, is to design (or remediate) so that
liquefaction will not be initiated.

The use of SPT-based procedures for evaluating liquefaction potential is
encouraged at this time for most sites for two primary reasons. First, SPT sampling
produces a physical sample that can be used to confirm properties such as fines content
and plasticity index, which strongly affect liquefaction susceptibility and resistance.

Second, available procedures for predicting the effects of liquefaction are almost all SPT-
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based at this time. Because performance is related to these effects, and design/hazard
evaluation is related to performance, the availability of SPT data will be required

anyway.

5.6.1 Single-Scenario Analyses

Use of the single-scenario approach is not recommended for analysis or design. It
requires representation of the entire range and distribution of earthquake magnitudes
affecting a site by a single magnitude. Its only advantage over the multiple scenario
approach is in speed (i.e., fewer calculations), and that advantage is effectively eliminated
by the multiple-scenario option in the WSliq program. The single-scenario option is
useful, however, for investigating the sensitivity of liquefaction potential to various

combinations of peak acceleration and magnitude or to different soil properties.

5.6.2 Multiple-Scenario Analyses

For analysis and design at this time, the use of weighted multiple-scenario
analyses is recommended. Multiple-scenario analyses properly account for the range and
distribution of earthquake magnitudes that contribute to ground motion hazard. Those
distributions, as obtained from USGS deaggregation files, are built into the WSliq
program so that performing a multiple-scenario analysis is no more difficult than
performing a single-scenario analysis.

The availability of multiple credible procedures for evaluating liquefaction
potential should also be taken advantage of. The use of weighted average factors of
safety, based on contributions from the NCEER, Idriss and Boulanger, and Cetin/Moss
procedures, is recommended. The weighting factors should be no less than 0.2 and no
greater than 0.5, and the three weighting factors should add up to 1.0. The WSliq
program allows the entry of weighting factors and computation of individual and
weighted average factors of safety.

With the use of weighted average, multiple-scenario analyses, a design factor of

safety of 1.3 is recommended.
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5.6.3 Performance-Based Analyses

A transition toward the use of performance-based concepts in the evaluation of
liquefaction potential is recommended. The performance-based approach, as described in
Chapter 3, considers all possible ground motion levels (rather than just a single level, as
in the multiple scenario approach) and thereby produces a more complete and consistent
evaluation of the potential for initiation of liquefaction. Use of the performance-based
approach, however, requires different performance criteria because that approach can
predict the actual return period of liquefaction (rather than a factor of safety against
liquefaction for a ground motion with a single, specified return period). Since a
performance-based procedure requires a probabilistic estimate of response, the Cetin et
al. liquefaction potential model was used in the performance-based formulation
developed for this project.

A preliminary calibration exercise has been performed to identify an appropriate
design-level return period for liquefaction in Washington State. The results of that
exercise indicate that conventional deterministic procedures for evaluation of liquefaction
hazard (based on 475-year peak acceleration values and mean magnitudes) produce
results consistent with liquefaction return periods of approximately 400 years along the I-
5 corridor and eastward. The same procedures produce results consistent with longer
return periods at sites closer to the Pacific coast. To achieve uniformity of liquefaction
hazard for constructed facilities throughout the state, a design-level liquefaction return
period of 400 years is preliminarily recommended. It is also recommended that WSDOT
engineers record the results of both multiple-scenario and performance-based analyses at
locations throughout the state to further evaluate the relationship between liquefaction

return period and factor of safety against liquefaction.

5.7  OTHER CONSIDERATIONS

The procedures described in the preceding section can be used for the types of
soils for which the great majority of liquefaction hazard evaluations are performed. On
occasion, the behavior of other types of soils during earthquakes may require

consideration. The following sections provide some basic considerations for such cases.
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5.7.1 Behavior of Plastic Silts and Clays

The liquefaction potential of fine-grained soil is influenced by the plasticity of the
soil. Non-plastic, cohesionless, fine-grained soils (principally coarse silts), which can
liquefy, can be identified with the use of the compositional criteria presented in Section
4.2.3. The potential for liquefaction of non-plastic, cohesionless, fine-grained soils can
be evaluated by using the procedures described in the previous section.

Plastic, cohesive, fine-grained soils can soften and weaken during earthquake
loading, but these phenomena should not be referred to with the term “liquefaction.” The
behavior of clays and plastic silts is different than that exhibited by non-plastic granular
soils, and different procedures should be used to evaluate their performance. Boulanger
and Idriss (2004, 2005) describe procedures for evaluating the behavior of such soils

under earthquake loading conditions.

5.7.2 Liquefaction of Gravelly Soils

Gravelly soils present distinct problems for evaluating liquefaction potential.
CPT tests can be invalidated, and the equipment damaged, by the presence of gravel-
sized and larger particles. SPT tests can also be influenced by the presence of large
particles that impede penetration; the extent to which this occurs is a function of the
large-particle content.

There are three primary options for characterizing the liquefaction resistance of
gravelly soils: Becker Penetrometer testing (BPT), short-interval SPT, and shear wave

velocity.

5.7.2.1 Becker Penetrometer

The most reliable procedure for characterizing the liquefaction resistance of
gravelly soils is the Becker Penetrometer Test (BPT). The BPT involves driving a 6-
inch-diameter steel casing with a diesel pile driving hammer; cuttings are blown up
through the casing pneumatically. The BPT resistance is measured as the number of
blows of the hammer required to advance the casing by 12 inches.

Because only a few case histories of liquefaction have been investigated with BPT

testing, no direct correlations to liquefaction resistance are available. Instead, the BPT
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blowcount is converted to an equivalent SPT blowcount by using data from sites at which
both tests have been performed. This correlation is an approximate one, with the greatest
data scatter in the region of greatest importance (Ngo < 30 bpf). An important source of
variability in BPT measurements is variability of hammer energy. Two primary
approaches to energy variability are available:

1. Estimation of hammer energy through correlation to bounce-chamber pressure —
Harder and Seed (1986) developed an energy correction procedure based on
bounce-chamber pressure measurements.

2. Direct measurement of transmitted energy — Sy and Campanella (1994)
instrumented Becker casings with strain gauges and accelerometers and used a
pile driving analyzer to measure the transmitted energy.

The direct measurement method has, to date, provided results consistent with that of the
bounce-chamber pressure method; since bounce-chamber pressure measurement is
considerably less difficult and expensive, its use is recommended.

Another issue in BPT-based measurements is the effect of casing friction. In
order for the BPT casing to advance, friction between the casing and the surrounding soil
must be overcome, so part of the measured BPT resistance is provided by casing fraction
and part by tip resistance. Because the tip resistance is of primary interest for SPT
correlations, the casing friction must be accounted for, particularly for deep (> 30 m)
BPT measurements or measurements in loose soils overlain by thick denser soils. Harder
and Seed (1986) did not explicitly separate casing friction resistance from tip resistance,
so the effect of casing friction is indirectly accounted for in their BPT-SPT correlation.
Sy et al. (1995) used instrumented casings with wave equation analysis to separate casing

friction resistance from tip resistance.

5.7.2.2 Short-Interval SPT

In soils in which at least 50 percent pass the #4 sieve (0.25-inch), it can be
possible to characterize liquefaction resistance by using short-interval SPT
measurements. Short-interval SPT tests are performed by recording SPT penetration
resistance in 1-inch increments. Interference with penetration by large particles produces

a sudden increase in short-interval penetration resistance. Those portions of the
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penetration resistance profile are discarded, and the remaining values are scaled to

produce an apparent 12-inch penetration resistance. A degree of judgment is required to
identify cases of interference, and a remaining tendency for unconservative bias (toward
higher SPT values) due to undetected interference requires consideration (e.g., by using

25™ t0 40" percentile values).

5.7.2.3 Shear Wave Velocity

Shear wave velocity-based characterization of liquefaction resistance is attractive
because of the ability to “sample” large volumes of soil in their in situ state by means of
various geophysical tests. Spectral analysis of surface waves (SASW) tests are
particularly appealing because they allow measurement of shear wave velocity from the
ground surface, i.e., without borings, which can be quite difficult to advance in many
gravelly soils.

Shear wave velocity-based procedures produce more uncertain results in
liquefaction potential evaluations, even for sands. The extension of their use to gravelly
soils is possible but not supported by a substantial amount of field case history data. As a
result, they should be applied and interpreted with great care. They are potentially useful
for identifying sites where liquefaction potential is quite high or quite low, but should not

be used by themselves for sites with borderline liquefaction potential.

5.8 EXAMPLES

The procedures for evaluating liquefaction potential described in the preceding
sections can be illustrated by a series of examples. The examples show the results of
single-scenario, multiple-scenario, and performance-based analyses for a hypothetical

soil profile (Figure 5.5) assumed to exist at different locations within Washington State.
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Figure 5.2 Subsurface profile for idealized site.

The following sections present the results of various analyses performed with the

WSIiq program at different locations in Washington State.

5.8.1 Single-Scenario Analyses

Single-scenario liquefaction potential analyses, as described in Section 5.6.1, are
useful for quick examination of liquefaction potential under various assumed scenarios
and for evaluating sensitivities to variations in different earthquake and/or site
parameters. For example, Figure 5.6 shows the variation of factor of safety against
liquefaction with depth for the hypothetical soil profile shown in Figure 5.5 located in
Seattle. The loading scenario is that associated with the 475-year PGA and either the
mean magnitude (M,, = 6.6) or modal magnitude (M, = 7.0). The factors of safety
obtained by using modal magnitudes are considerably lower than those obtained by using
mean magnitudes, since the modal magnitude is significantly larger than the mean

magnitude for Seattle.
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Figure 5.3 Variation of FS, with depth for NCEER, Idriss-Boulanger, and Cetin et al. procedures,
assuming mean and modal magnitudes for 475-year peak ground acceleration.

Single-scenario analyses can also be used to examine differences in liquefaction
potential for sites in different locations within the state. Figure 5.7 shows profiles of
factor of safety with depth for the hypothetical soil profile at seven locations within
Washington State computed with the Idriss-Boulanger procedure. The factor of safety
values differ significantly, reflecting the significant differences in seismicity that exist
across the state. The sites in central and eastern Washington (Pasco and Spokane) have
very high factors of safety, suggesting that liquefaction under the assumed 475-year
ground motions is very unlikely. The sites located along I-5 (Vancouver, Olympia,
Seattle, and Bellingham) have similar factors of safety, with those of Seattle and Olympia
lower than those of Vancouver and Bellingham primarily because of their proximity to
the Seattle Fault and potential Cascadia intraplate events (Section 2.2). The hypothetical
site has the lowest factors of safety when located in Long Beach, due primarily to the
very high mean magnitude (Table 2.1) produced by its close proximity to potential

Cascadia interplate events (Section 2.2).
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Figure 5.4 Variation of FS_ with depth for Idriss-Boulanger procedure at different locations in
Washington State, assuming mean magnitudes for 475-year peak ground acceleration.

5.8.2 Multiple-Scenario Analyses

Multiple-scenario liquefaction potential analyses, as described in Section 5.6.2,
allow consideration of all magnitudes contributing to the peak ground acceleration at a
particular site. The multiple-scenario analysis eliminates the need to choose between
mean, modal, or other magnitudes because all contributing magnitudes are used with
weights proportional to their contribution to peak ground acceleration. Figure 5.8 shows
the results of multiple-scenario analyses for the hypothetical site located in Seattle.
Comparison of the factor of safety values in Figure 5.8 with those in Figures 5.6 and 5.7
shows that the single-scenario analyses conducted with mean magnitudes are more
consistent with the multiple-scenario analyses than single-scenario analyses conducted

with modal magnitudes; this trend has been found to be consistent across the state.
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Figure 5.5 Variation of FS_ with depth for NCEER, Idriss-Boulanger, and Cetin et al. procedures
using multiple-scenario approach for 475-year peak ground acceleration.

Multiple-scenario analyses can also be used to examine differences in liquefaction
potential for sites in different locations within the state. Figure 5.9 shows profiles of
factor of safety with depth for the hypothetical soil profile at seven locations within
Washington State computed with the Idriss-Boulanger procedure. As with the single-
scenario analyses, the multiple-scenario factor of safety values also reflect the significant

differences in seismicity that exist across the state.

81



Factor of safety, FS,

0 2 4 6 8 10
0 T T T T
—@— Seattle
2+ —¥— Vancouver i
& —#— Long Beach
.;-" Bellingham
—&— Olympia
L —e— Pasco T
— 1 Spokane
E !
£ 6f | |
Q_ 1
i)
o
8 i
10 .
12 g 1 1 1 1

Figure 5.6 Variation of FS_ with depth for Idriss-Boulanger procedure at different locations in
Washington State using multiple-scenario approach for 475-year peak ground acceleration.

5.8.3 Performance-Based Analyses

Performance-based liquefaction potential analyses, as described in Section 5.6.3,
allow the most complete characterization of liquefaction hazards in that all scenarios,
ranging from frequent, relatively weak shaking to rare, strong shaking with explicit
consideration of all magnitudes, are accounted for. Performance-based analyses allow
calculation of factor of safety hazard curves for each depth in the soil profile, as
illustrated for Seattle in Figure 5.10. Note that factor of safety hazard curves are

expressed in terms of rates of non-exceedance. The value of Ag: should be interpreted

as the mean annual rate (or inverse of the return period) at which the actual factor of

safety will be less than FSy. Note that A increases with increasing FSy, since weaker

motions producing higher factors of safety occur more frequently than stronger motions
that produce lower factors of safety. The mean annual rate of factor of safety non-
exceedance is used because non-exceedance of a particular factor of safety represents an
undesirable condition, just as exceedance of an intensity measure does in a ground

motion hazard analysis; because lower case lambda (1) is commonly used to represent
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mean annual rate of exceedance, an upper case lambda (A) is used here to represent mean

annual rate of non-exceedance.
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Figure 5.7 Factor of safety hazard curves for various depths in hypothetical soil profile located in
Seattle.

The FS; hazard curves shown in Figure 5.10 can be used to express liquefaction
hazards for the hypothetical profile in two ways. First, selection of a particular return
period, say 475 years, can be used to compute the corresponding FS; value at each depth
in the profile (Figure 5.11). Second, selection of a particular FSy. value, say FS; = 1.0,
can be used to compute the corresponding mean annual rate of non-exceedance of that
value. Since liquefaction is expected to occur when CRR < CSR (i.e., when FSp, < 1.0),
the return period of liquefaction corresponds to the reciprocal of the mean annual rate of

non-exceedance of FS, = 1.0, i.e., TR = 1/ Agg, 1. Figure 5.12 shows the return period

of liquefaction at different depths for the hypothetical soil profile when located in Seattle.
The return period can be seen to increase with depth in a manner consistent with the

increasing SPT resistance with depth.
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Figure 5.8 Variation of 475-year factor of safety Figure 5.9 Variation of return period of
with depth for hypothetical soil profile located in liquefaction with depth for hypothetical soil
Seattle. profile located in Seattle.

Performance-based analyses can also be used to examine differences in
liquefaction potential for sites in different locations within the state. Figure 5.13 shows
profiles of liquefaction return period with depth for the hypothetical soil profile at five
locations within Washington State. As with the single-scenario and multiple-scenario
analyses, the performance-based return periods also reflect the significant differences in
seismicity that exist across the state. The return periods for Pasco and Spokane are

greater than 1,000 years at all depths and are not shown in Figure 5.13.
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different locations within Washington State.
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Chapter 6
Lateral Spreading

6.1 INTRODUCTION

Lateral spreading can occur in gently sloping ground and in the vicinity of natural

and cut slopes. It occurs in situations where the soil is dense enough that flow sliding
(Chapter 7) cannot occur, but it can also lead to significant permanent deformations.
Lateral spreading is of particular concern in the design of bridge foundations because
many bridges cross rivers or other bodies of water at sites frequently underlain by sloping
deposits of loose, saturated, cohesionless soil. Also, the subsurface deformations of
laterally spreading soils can impose significant bending demands on pile foundations that
extend through the deforming soils.

It is important to recognize that lateral spreading does not require very loose soils
to occur. It can produce potentially damaging deformations in medium dense soils,
particularly when ground motion durations are long, as they are likely to be in high
magnitude earthquakes such as those produced by the Cascadia Subduction Zone.

The most commonly used procedures for estimating lateral spreading
displacements imply that soils with SPT resistances of greater than 15 do not produce any
lateral spreading deformations and that soils with SPT resistances of less than 15 behave
identically with respect to lateral spreading deformations. Because soils do not actually
behave that way, an improved model was developed and is recommended for estimating

lateral spreading displacements.

6.2 BACKGROUND

Because the damage caused by lateral spreading is closely related to the

permanent deformations it produces, procedures for evaluating lateral spreading hazards
have focused on estimating permanent displacements. It should be recognized that lateral

spreading is an effect of liquefaction, i.e., that its occurrence is conditional upon the
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initiation of liquefaction. If liquefaction is not triggered, permanent shear strains will be
small (though not zero) and, therefore, permanent deformations will be small.

A number of different approaches to the lateral spreading displacement problem
have been proposed, ranging from purely empirical statistical correlations to numerical
approaches based on nonlinear site response analyses with advanced constitutive models.
These approaches adhere to basic principles of soil mechanics to different degrees and
are consistent with field observations of lateral spreading behavior to different degrees.

Bartlett and Youd (1992) developed the first widely used empirical procedure for
estimating lateral spreading displacement. A subsequent extension of that procedure
(Youd et al., 2002) has become a de facto standard in geotechnical engineering practice.
However, the Youd et al. (2002) procedure, like its predecessor and imitators, is based
purely on regression upon a database of observed lateral spread case histories. Youd et
al. went to considerable lengths to investigate many different forms of the predictor
variables before settling on those that were used in the final model. The variables used in
the model reflect slope geometry, material properties, and level of earthquake loading, all
of which are known to influence lateral spreading. However, the primary variable used to
describe material properties — T;s — introduces some potential limitations to the
applicability of the Youd et al. model. The T;s parameter implies behavioral
characteristics that are inconsistent with the known behavior of liquefiable soils. Tis is
defined as the cumulative thickness of all sublayers with corrected SPT resistances of less
than 15. This definition implicitly assumes that liquefiable soils with SPT resistances of
greater than 15 provide no contribution to lateral spreading displacement, and that all
liquefiable soils with SPT resistances less than 15 contribute equally to lateral spreading
displacement. It implies, for example, large and discontinuous differences in behavior
between two soils with (N;)so values of 14 and 16, and no difference in behavior between
two soils with, say, (N;)e values of 4 and 14. These implications clearly conflict with the
known behavior of liquefiable soils. Furthermore, the T;s parameter makes no distinction
between the contribution of a shallow soil layer (with a given (N;)s < 15) and a deeper
layer of the same soil. These limitations can combine to produce potentially inaccurate
estimates of lateral spreading displacement, particularly for thick deposits of potentially

liquefiable soil.
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More recently, lateral spreading models based on cumulative strain potential have
been developed. The concept of density-related potential strains and their role in
estimating liquefaction-related deformations (e.g., Seed et al, 1973; Seed et al., 1975;
Seed, 1979) was developed many years ago. In recent years, new models for estimating
lateral spreading displacements based on strain potential (e.g., Shamoto et al., 1998;
Zhang et al., 2004; Faris et al., 2006) have been proposed. These models are based on the
idea that each element of liquefied soil will develop a level of shear strain that is related
to its density and the severity of the shaking it is exposed to. Laboratory tests on
individual elements of soil have shown that maximum, or “limiting,” shear strains
increase continuously with increasing ground shaking intensity and with decreasing
penetration resistance. Procedures for estimating lateral spreading displacements involve
integrating limiting strains over the thickness of a soil profile. These models use the
experimentally measured mechanical behavior of soils to overcome the previously
described limitations of T;s. However, the link between cyclic shear strains based on
laboratory tests with no static shear stress and permanent shear strains in the presence of
static shear stress is not well established, nor is the reasonableness of the implicit
assumption that the shear strain potential is reached in all potentially liquefiable soil
layers. Nevertheless, after calibration, these models appear to predict observed lateral
spreading displacements with levels of accuracy similar to those of the BY models.

As part of the research described in this report, a new model for predicting lateral
spreading displacement was developed. The model is consistent with the known
mechanics of liquefiable soil and with observed case histories of liquefaction in the field.
A constitutive model that accounts for the most important characteristics of liquefiable
soils was developed and implemented within a nonlinear, one-dimensional site response
analysis program. The site response program was then used to develop a “numerical
database” of lateral spreads — employing thousands of combinations of slope geometries,
material properties, and earthquake loadings — which was then used to determine the
basic form of an empirical displacement estimation relationship. That form of the
relationship was then calibrated against available field case history data by using standard
multiple regression techniques. The result is an empirical predictive model that is

consistent with the mechanical behavior of liquefiable soil and with available field data.
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The predictive equation also allows estimation of a probability distribution for lateral
spreading displacement, which allows the development of performance-based procedures
for evaluating lateral spreading hazards. A more detailed description of the development

of and basis for this model is presented in Appendix D.

6.3 REQUIRED INFORMATION

Evaluation of lateral spreading hazards requires characterization of subsurface

conditions, principally soil density, fines content, and groundwater conditions, to
sufficient depth to characterize all potentially liquefiable soils (Chapter 5). Currently,
most available procedures for estimating lateral spreading displacement use SPT
resistance as a proxy for soil density. When additional case histories with measured CPT
resistance become available, CPT-based lateral spreading models will undoubtedly
become available. Until that time, however, available CPT data should be transformed to
equivalent SPT resistances, with recognition of the uncertainty that exists in the
transformation. The Youd et al. (2002) model also requires the mean grain size of the
soils with SPT resistances to be less than 15. The new procedures developed in this
research account for the effect of fines plasticity on the strength of cyclically loaded soils.

Information on ground surface topography is also required to define the type of
potential spreading case that may exist and to provide a quantitative description of the
slope geometry. It should be emphasized that characterization of the surface topography
beyond the boundaries of a specific project site may be required, since lateral spreads can
involve large areas of soil. Historically, the geometries of lateral spreading case histories
have been divided into two categories: ground slope geometries and free-face
geometries. Ground slope geometries are slopes of constant average inclination, i.e.,
those that can reasonably be idealized as infinite slopes. Free-face geometries are those
with significant slope breaks, i.e., localized areas of steeper inclination such as river
banks. Most lateral spreading models require the user to characterize a slope of interest
as either a ground slope or a free-face case.

Finally, earthquake loading information is required. Historically, most empirical
predictions of lateral spreading displacement have used earthquake magnitude and

distance to represent loading. Recent cumulative strain models, however, require
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estimation of cyclic stress ratio to account for the effects of earthquake loading on
limiting shear strain. The information required for estimation of cyclic stress ratio was
described in Chapter 5. In the future, it is likely that actual ground motion parameters
will provide improved estimates of lateral spreading displacement, but sufficient field

data to validate such predictions are not yet available.

6.4 PROCEDURES

A number of procedures for estimating lateral spreading displacement have been
developed and used in practice. Some of those procedures differ in their basic
approaches, some differ with respect to the databases they are calibrated against, and
some differ in the ways they characterize subsurface conditions, slope geometry, and
earthquake loading. At this time, no single procedure has been shown to be consistently
superior to the other well-founded procedures across all conditions likely to be
encountered in practice. As a result, the most consistent and stable estimates of lateral
spreading displacement should be produced by a combination of methods.

The following sections describe four procedures for estimating lateral spreading
displacement. The first, the Youd et al. (2002) model, has been widely used in practice
but characterizes subsurface conditions in a manner that can produce counter-intuitive
sensitivities to important parameters. The second, the Kramer and Baska (2007) model,
is similar to the Youd et al. (2002) model but uses an improved approach to
characterization of subsurface conditions. The third, the Zhang et al. (2004) model, is a
cumulative strain-type model. The fourth is a new procedure that provides an upper
bound estimate of lateral spreading displacement (Idriss and Boulanger, 2008).

Recommendations for the combined use of these procedures are presented in Section 6.6.

6.4.1 Youd et al. (2002) Model

Bartlett and Youd (1992) compiled a large database of lateral spreading case
histories from Japan and the western United States. By investigating a large number of
potential parameters, Bartlett and Youd (1992) were able to identify those that were most
closely related to lateral spreading displacement and develop a regression-based

predictive relationship. Youd et al. (2002) used an expanded and corrected version of the
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1992 database to develop the predictive relationship. The Youd et al. (2002) model can

be implemented in the following series of steps:

1.

Characterize the slope of interest as a ground slope case or a free-face
case.
Using Figure 6.1, compute the ground slope inclination, S, for ground

slope cases, or the free-face ratio, W, for free-face cases.

e L — _l

Crest | . o
b '
H |

’ Toe

L = Distance from toe of free face to site

H = Height of free face (crest elev. - toe elev.)

W = Free-face ratio = (H/L) (100), in percent

S = Slope of natural ground toward channel in percent

Figure 6.1 Slope geometry notation

Identify the moment magnitude, M,,, and the closest horizontal distance to
the energy source, R, for the event of interest.

Divide the soil profile into sublayers and determine the corrected SPT
resistance, fines content, and mean grain size of each sublayer.

Compute the cumulative thickness, T;s, of soil layers with corrected SPT
resistance, (N)eo, less than or equal to 15, in which liquefaction is
expected to occur (i.e., layers for which FS; < 1.0).

Determine the average fines content, F;s (in percent), of the soil layers that
contribute to Tis.

Determine the mean grain size, D505 (in mm), of the soil layers that
contribute to T;s.

Check the applicability of the Youd et al. (2002) model to the site of
interest by comparing the parameters obtained in the preceding steps
against the ranges shown in Table 6.1. The results of any analyses based
on parameters that lie outside these ranges should be interpreted very

carefully.
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Table 6.1 Recommended range of variable values for the Youd et al. (2002) predictive equation.

Variable | Description Range
Tis Equivalent thickness of saturated cohesionless Itol5m
soils (clay content < 15 percent) in m.
M Moment magnitude of the earthquake. 6.0 to 8.0
ya Depth to top of shallowest layer contributing to lto15m
W Free face ratio. 1 to 20 percent
S Ground slope. 0.1 to 6 percent
Applicable combinations of F;s and D505 should be obtained from
the figure below.
100 o]
® Data From U.S. Sites
a0 [ a Data From Japanese Sites
g [ . Data from 278 boreholes.
ool 4 -
Foo | § | T [0S Dot one s o
D5015 § i ‘g‘ / predictions using MLR oskal
g [ “R‘A’,'L-\'- ........ P
* 20 " AA - o . B
“‘\a m s _:.- """"""""""
0 e RIS, il L i
0.01 0.1 1 10
Mean Grain-Size, D50 , (mm)

9. Compute the expected lateral spreading displacement from the equation

log DH = b0+b1|\/|w+b210g R*+b3R+b4lOgW+b510gs+b610gT15

+ b7 IOg(lOO—F15) + bg 10g(D5015 +0.1 mm) (61)
where Dy = horizontal displacement in meters and R* =R + 10708MwS64
The values of the coefficients are presented in Table 6.2.
Table 6.2. Coefficients for Youd et al. (2002) model.
Model bo b1 bz b3 b4 b5 be b7 bg
Ground slope | -16.213 | 1.532 | -1.406 | -0.012 0 0.338 | 0.540 | 3.413 | -0.795
Free Face -16.713 | 1.532 | -1.406 | -0.012 | 0.592 0 0.540 | 3.413 | -0.795

92




6.4.2

Kramer and Baska (2006) Model

Kramer and Baska (2006) used a series of nonlinear analyses with an advanced

constitutive model capable of representing the mechanics of liquefiable soil to identify an

improved method of characterizing subsurface conditions. By calibrating this improved

model against field case histories, they produced a model that is consistent with basic soil

mechanics and with observed lateral spreading behavior. The Kramer and Baska (2006)

procedure can be implemented in the following series of steps:

1.

7.

Characterize the slope of interest as a ground slope case or a free-face
case.
Using Figure 6.1, compute the ground slope inclination, S, for ground
slope cases, or the free-face ratio, W, for free-face cases.
Identify the moment magnitude, My,, and the closest horizontal distance to
the energy source, R, for the event of interest.
Divide the soil profile into a series of sublayers. A maximum sublayer
thickness of 1 m is recommended.
Determine the average SPT resistance and fines content, and of each
sublayer of liquefiable soil (i.e., sublayers for which FSp < 1.0).
Determine the clean sand corrected SPT resistance, (N)eo s, for each
liquefiable sublayer using the relationship

(N1)6oes = o+ B(N1)eo (6.2)

where a and B3 are as given in the Table 6.3.

Table 6.3. Fines content correction variables.

Fines content, FC a B
FC < 5% 0 1.0

5% <FC<35% | exp[l.76 - 190/FC*] | 0.99 + FC'*/1000
FC > 35% 5.0 1.2

Check the applicability of the Kramer and Baska (2006) model to the site
of interest by comparing the parameters obtained in the preceding steps

against the ranges shown in Table 6.4. The results of any analyses based
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on parameters that lie outside these ranges should be interpreted very

carefully.

Table 6.4 Recommended range of variable values for the predictive equation.

Variable | Description Range
T Equivalent thickness of saturated cohesionless 0.001 to 20 m
soils in m.
M, Moment magnitude of the earthquake. 6.0 to 8.0
R Distance from the site to the hypocenter of the 0 to 100 km
earthquake in km.
W Free face ratio (height of free face/distance to the | <20 percent
free face from the point of displacement) in
percent.
S Ground slope in percent. 0 to 6 percent

8. Compute the equivalent thickness parameter, Ty or T , for ground slope

or free-face sites, respectively, from

Tgs =2.586)_t, exp[- 0.05N, —0.04z,] > 0.001 m (6.3)

i=1

Th = 5.474iti exp[—0.08N, —0.10z,] > 0.001 m

i=1
9. Compute the median lateral spreading displacement using the equation

0 for \/T_HSO
B, -
‘\/ﬁ)z for \/T_H>O

(6.4)

where
F B A BTt BT +1.23IM —1L151logR’ —0.01R ++.3,~/S + B, logW
" 14 0.0223(3, /The)® +0.0135(8, /T)*

where R* = R +10%%Mw—564

N;i = (N1)s0.cs (as calculated using the fines correction of Youd et al.
(2002)) for the i™ sublayer

t; = sublayer thickness (limited to a maximum value of 1 m)
P1; = plasticity index (in percent) of the i sublayer

the model-specific B coefficients are as indicated in Table 6.5.
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Table 6.5. Coefficients for Kramer and Baska (2006) model.

Model | B | B | B | B | B
Ground slope | -7.207 | 0.067 | 0.0 |0.544 | 0.0

Free face -7.518 1 0.0 |0.086 | 0.0 1.007

Note that the Kramer-Baska model can be used to predict the probability
distribution of lateral spreading displacement. The regression analyses performed to

identify the P coefficients in Step 9 also reveal that the residuals are approximately

normally distributed with constant variance, Gfﬁ =0.0784 . The probability of

exceeding some non-negative lateral spreading displacement, d, can therefore be

estimated as

P[D, >d] = 1—c1>‘/a_—\/T_H - 1-ops71lyd-D, 6.5)
? /o,

where @ is the standard normal cumulative distribution. Note that negative values of

4D, can be used in equation 6.5.

6.4.3 Zhang et al. (2004) Model
Zhang et al. (2004) made use of a laboratory test-based relationship among
“maximum cyclic shear strain,” relative density, and factor of safety against liquefaction
(Ishihara and Yoshimine, 1992) to develop a cumulative shear strain model for predicting
lateral spreading displacement. Maximum cyclic shear strains were defined by Ishihara
and Yoshimine (1992) as the maximum shear strain (in any direction) under transient
loading conditions. Zhang et al. (2004) capped the maximum cyclic shear strains by the
limiting shear strains proposed by Seed (1979) and used empirical relationships between
relative density and penetration resistance (SPT or CPT) to allow lateral spreading
displacement to be predicted in the following series of steps:
1. Characterize the slope of interest as a ground slope case or a free-face
case.
2. Using Figure 6.1, compute the ground slope inclination, S, for ground

slope cases, or the free-face ratio, W, for free-face cases.
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3. Divide the soil profile into a series of sublayers and determine the average
SPT or CPT resistance for each sublayer.

4. Compute the factor of safety against liquefaction for each sublayer.

5. Using the penetration resistance and factor of safety against liquefaction,
use Figure 6.2 to determine the maximum shear strain, ym.x. Zhang et al.

recommend the use of a modified form of Meyerhof’s relationship to

estimate relative density as D, =14,/(N,),, for (Ni)so <42.
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Figure 6.2. Variation of maximum cyclic shear strain with factor of safety and
relative density (after Zhang et al., 2004).

6. Compute the lateral displacement index, LDI by integrating maximum

shear strains with depth over all potentially liquefiable layers, i.e.,

z

max

LDI = [y,,dz (6.6)
0

7. Compute the expected lateral spreading displacement as

(S+0.2)-LDI ground slope case
D, = (6.7)
6W ¢ . LDI free — face case
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6.4.4 Idriss and Boulanger (2008) Model

Idriss and Boulanger (2008) described an alternative cumulative strain model.
Idriss and Boulanger considered slopes in loose, saturated soils to move toward a relative
density-dependent limiting shear strain upon initiation of liquefaction. Using the curves
shown in Figure 6.3, Idriss and Boulanger recommended that a limiting shear strain

(upper portion of Figure 6.3) be computed as

3
e vasf o )

Then, the maximum expected shear strain for a given level of loading could be related to

the density of the soil and the factor of safety against liquefaction using

0 it  FS >2
7/max = ylim If I:SL = A (69)
min(B,y,,,) if A<FS <2

where

A = 0.535 +0.398,/max(5.6,(N, ) gc; ) — 0.0924max(5.6,(N, )00 )

B =0.035(1- A)[z_ FSL]

FS, — A

With the maximum strain values computed for potentially liquefiable layers in a soil
profile, the lateral displacement index, taken as a measure of the potential maximum
displacement, can be computed by integrating the maximum strains over the thickness of

the profile, i.e.,
LDI = [ 7,0z (6.10)
0

The LDI produces a displacement value that implicitly assumes that all potentially
liquefiable layers reach their respective maximum strain values, and that all of those
values are acting in the same direction. As such, users should be careful to interpret the

value as its developers intended — as a measure of potential maximum displacement.
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6.5 DISCUSSION

The four procedures described in the preceding section have a number of
similarities but also are distinctly different. The Youd et al. (2002) model is familiar to
nearly all geotechnical earthquake engineers as it (and its predecessor) has been the
workhorse of lateral spreading hazard evaluation for many years. By virtue of its basic
formulation, however, it is susceptible to inaccuracy for very loose ((N;)s0 < 5) soils,
medium dense (15 < (N;)s0 < 30) soils, and cases in which liquefiable soils exist at large
depths.

There are several significant differences between the Kramer and Baska (2006)
model and the model of Youd et al. First, the Kramer and Baska (2006) model is based
on a square root transformation of displacement rather than the logarithmic
transformation used by Youd et al. The square root transformation is a desirably milder

transformation than the logarithmic transformation and gives more consistent differences
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between observed and predicted displacements. Second, Baska’s thickness parameter,
T*, is a continuous function of corrected SPT resistance. It varies smoothly with changes
in (N;)eo rather than changing abruptly at N = 15 and not changing at all above and below
that value. Third, Baska’s T* also varies with sublayer depth. A deep sublayer of soil at a
particular SPT resistance contributes less to lateral spreading displacement than a shallow
sublayer of identical soil in Baska’s model, particularly for free-face conditions. Finally,
Baska’s relationship does not require grain size information. With these modifications,
Baska’s model produces displacement predictions that are slightly better than those of
Youd et al. (2002) with respect to the empirical database it is calibrated against. The
Baska model recognizes that liquefaction can be initiated at large depths without
necessarily producing large surface effects. This aspect of its behavior helps reconcile
the fact that there is no physical reason for defining a limiting depth below which
liquefaction cannot occur with the observation that liquefaction at depths greater than 15
to 20 m has not been observed to cause significant surface effects. The more realistic
physical basis for the Baska model makes it more likely to produce reliable predictions of
future events than procedures based purely on statistical regression.

The Zhang et al. (2004) and Idriss and Boulanger (2008)models, with their basis
derived from laboratory test results, bring soil mechanics into the prediction in a different
way than the Kramer-Baska model. They provide for a smooth variation of lateral
spreading displacement with changes in penetration resistance and depth, and also
account for the potential of medium dense soils to contribute to lateral spreading
displacement. It should be recognized, however, that these models predict potential

maximum displacements rather than expected displacements, which are the product of the

Youd et al. (2002) and Baska models.

6.6 RECOMMENDATIONS

The following sections present recommendations for evaluating lateral spreading
displacements in potentially liquefiable soils. Such analyses should be performed
following an evaluation of liquefaction potential, and contributions to lateral spreading

displacement should only be considered for soils in which liquefaction is initiated.
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6.6.1 Single-Scenario Analyses

Use of the single-scenario approach is not recommended for analysis or design. It
requires representation of the entire ranges and distributions of magnitude and distance
affecting a site by a single magnitude-distance pair. Its only advantage over the multiple
scenario approach is in speed (i.e., fewer calculations), and that advantage is effectively
eliminated by the multiple-scenario option in the WSLIQ program. The single-scenario
option is useful, however, for investigating the sensitivity of liquefaction potential to

various combinations of magnitude and distance.

6.6.2 Multiple-Scenario Analyses

For analysis and design at this time, the use of weighted multiple-scenario
analyses is recommended. Multiple-scenario analyses properly account for the ranges
and distributions of earthquake magnitude and source-to-site distance that contribute to
lateral spreading displacements. Those distributions, as obtained from USGS
deaggregation files, are built into the WSIiq program so that performing a multiple-
scenario analysis is no more difficult than performing a single-scenario analysis.

The availability of multiple credible procedures for evaluating liquefaction
potential should also be taken advantage of. The use of weighted average lateral
spreading displacements, based on contributions from the Youd et al. (2002), Kramer and
Baska (2006), and Zhang et al. (2004) procedures, is recommended. The weighting
factors should be no less than 0.1 and should add up to 1.0. The WSIliq program allows
the entry of weighting factors and the computation of individual and weighted average
factors of safety. Although they can be changed manually, the default weighting factors
in WSliq are given in Table 6.6.

Table 6.6. Default weighting factors for lateral spreading models in WSliq.

Model Weighting factor
Youd et al. (2002) 0.35
Kramer and Baska (2006) 0.65
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6.6.3 Performance-Based Analyses

As part of the research described in this report, a performance-based procedure
for estimating lateral spreading displacement was developed (Franke, 2005). Since a
performance-based procedure requires a probabilistic estimate of response, the Kramer-
Baska model was used. A brief description of the performance-based model is given in
Appendix E.

A transition toward the use of performance-based concepts in the evaluation of
lateral spreading hazards is recommended. The performance-based approach, as
described in Chapter 3, considers all possible ground motion levels (rather than just a
single level, as in the multiple scenario approach) and thereby produces a more complete
and consistent evaluation of the lateral spreading hazard. Use of the performance-based
approach, however, requires different performance criteria because that approach can
predict the actual return period of different lateral spreading displacements (rather than a

lateral spreading displacement for an event with a single specified return period).

6.7 OTHER CONSIDERATIONS

Lateral spreading can cause significant damage to bridges, bridge approaches, and

other structures. Bridges that cross rivers, lakes, and other bodies of water are frequently
underlain by naturally deposited liquefiable soils. Other bridges may be supported on or
in fill materials placed with little or no compaction.

The permanent ground surface displacements associated with lateral spreading are
generally the best indicators of potential damage. However, damage to pile foundations,
which has been observed in many earthquakes, also depends on the distribution of

displacement with depth.

6.7.1 Subsurface Deformations

The permanent displacements predicted by the three recommended lateral
spreading models described in Section 6.4 are ground surface displacements that include
contributions from various soil layers beneath the ground surface. Cumulative strain
models, such as that of Zhang et al. (2004) and Idriss and Boulanger (2008), provide the

most direct means of estimating subsurface displacement patterns. Assuming that non-
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zero maximum shear strains occur in each of N sublayers, the fraction of total lateral

displacement of the n™ sublayer can be estimated as

dn — (ymax)n hl’]
D,, LDI

6.11)

where (Ymax)n 18 the maximum shear strain of the nh sublayer, h,, is the thickness of the nh
sublayer, and Dy is the total computed lateral spreading displacement (not restricted to

the method of Zhang et al. (2004).

6.7.2 Pore Pressure Redistribution

At some sites, soil layers in which high porewater pressures are likely to be
generated are overlain by low-permeability soils. It is possible for porewater pressures to
redistribute within such layers during and after the strongest part of earthquake shaking.
When this occurs, the density of the soil will change as the effective stress changes. Of
particular concern is the case in which porewater pressures migrate upward, thereby
decreasing the effective stress, and consequently the density, of the soil just below the
low-permeability layer.

In extreme cases, the reduction in density can cause the available (residual)
strength of the soil to drop below the shear stress required for static equilibrium and lead
to the type of flow slide deformations described in Chapter 8. In less extreme cases,
however, the reduced density can cause a reduction in stiffness that can lead to larger
lateral spreading deformations than would occur without the low-permeability layer.

Although the effect of low-permeability layers likely exists to some degree in the
databases against which the lateral spreading estimation procedures described in this
chapter are calibrated, it is likely that these procedures will somewhat underestimate the
permanent strains in soil layers affected by this phenomenon. Quantitative procedures
for determining the magnitude and effects of such density changes are not currently
available. Until they are, it is recommended that measured SPT resistances in soil layers
within 2 m of overlying low-permeability layers be reduced by 20 percent for the purpose

of lateral spreading displacement calculation.
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6.8  EXAMPLES

The procedures for evaluating lateral spreading displacement described in the
preceding sections can be illustrated by a series of examples. The examples show the
results of single-scenario, multiple-scenario, and performance-based analyses for a
hypothetical soil profile (Figure 6.4) assumed to exist at different locations within
Washington State. The hypothetical soil profile used for lateral spreading examples is
identical to that used for the liquefaction initiation examples (Figure 5.4) except that the
profile is inclined at a 2 percent slope and the SPT values are 5 blows/ft lower at all

depths.

2% slope
| i 2
lean sand (=]
CYm =172 kam‘%s %
Ysat = 20-0 KN'I‘m §-

=

Figure 6.4. Subsurface profile for idealized site.

The following sections present the results of various analyses performed with the

WSIliq program at different locations in Washington State.

6.8.1 Single-Scenario Analyses

Single-scenario lateral spreading analyses, as described in Section 6.6.1, are
useful for quick examination of lateral spreading displacements under various assumed
scenarios and for evaluating sensitivities to variations in different earthquake and/or site
parameters. For example, Table 6.7 shows the computed lateral spreading displacements
for the hypothetical soil profile at seven locations in Washington state. The potential

maximum displacements predicted by the Idriss and Boulanger (2008) model can also be
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seen to be significantly greater, as expected, than those predicted by the Baska-Kramer

and Youd et al. models.

Table 6.7 Computed lateral spreading displacements for various scenarios, assuming mean
magnitudes and distances associated with 475-year Seattle PGA values.

L ocation Post-Liquefaction Settlement (m) _
Youd et al. Baska-Kramer Idriss-Boulanger

Seattle 0.24 0.16 6.73
Vancouver 0.31 0.13 5.52

Long

Beach 37.4 4.63 7.33
Bellingham 0.05 0 4.97
Olympia 0.11 0 5.79

Pasco 0 0 0
Spokane 0 0 0

6.8.2 Multiple-Scenario Analyses

Multiple-scenario lateral spreading analyses, as described in Section 6.6.2, allow
consideration of all magnitudes and distances contributing to the ground motion hazard at
a particular site. The multiple-scenario analysis eliminates the need to choose between
mean, modal, or other magnitudes and distances because all contributing magnitudes and
distances are used with weights proportional to their contribution to peak ground
acceleration. The 975-year displacements from the multiple-scenario analyses shown in
Table 6.8 are more consistent than those obtained from the various single-scenario

options described in the preceding sections.

Table 6.8 Computed lateral spreading displacements for multiple-scenario magnitudes and distances
associated with 975-year Seattle PGA values.

L ocation Post-Liquefaction Settlement (m) _
Youd et al. Baska-Kramer Idriss-Boulanger

Seattle 2.64 1.01 6.46
Vancouver 2.14 0.77 4.33
Long

Beach 42.7* 4.62 7.30
Bellingham 0.69 0.29 4.18
Olympia 1.77 0.52 5.14
Pasco 0.09 0.04 0.21
Spokane 0 0.02 0.03

*magnitude values above recommended maxima used in calculations
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6.8.3 Performance-Based Analyses

Performance-based liquefaction potential analyses, as described in Section 6.6.3,
allow the most complete characterization of lateral spreading hazards in that all
scenarios—ranging from frequent, relatively weak shaking to rare, strong shaking with
explicit consideration of all contributing magnitudes and distances—are accounted for.
Performance-based analyses allow calculation of lateral spreading hazard curves for
various locations. Figure 6.5 shows the lateral spreading hazard curve for the

hypothetical profile of Figure 6.4 when located in the seven previously described cities.
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Figure 6.5 Lateral spreading hazard curve for hypothetical soil profile located in Seattle.

Table 6.9 Computed lateral spreading displacements at 475-yr and 975-yr hazard levels from
performance-based lateral spreading analysis.

L ocation 475-y!’ Lateral Spreading 975-y!’ Lateral Spreading
Displacement (m) Displacement (m)

Seattle 1.55 2.21
Vancouver 1.38 1.78
Long Beach 3.50 4.04
Bellingham 0.11 0.63
Olympia 2.10 2.53
Pasco 0 0

Spokane 0 0
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Chapter 7

Post-Liquefaction Settlement

7.1 INTRODUCTION

Vertical movement of the ground surface following earthquake shaking is
commonly referred to as earthquake-induced settlement. When liquefiable soils are
involved, these displacements can result from several different mechanisms. In some
cases, vertical ground displacements result from shear-induced ground deformations such
as those associated with lateral spreading or other forms of instability at sloping-ground
sites. In other cases, ground surface settlements may be associated with ground loss due
to sand boil ejection. Settlement of shallow foundations and the structures they support
may be caused by full or partial bearing failure, or by accumulated strains associated with
rocking behavior. Finally, settlement on level-ground sites may result from the
dissipation of excess porewater pressure following earthquake shaking. Such settlements,
which are the subject of this chapter, can occur in moderately dense as well as loose soils,
but the amount of settlement decreases with increasing soil density. Liquefaction-
induced settlement can produce damage to bridge approaches, abutments, and shallow
foundations. It can also cause downdrag loading on deep foundations.

Available procedures for estimating liquefaction-induced settlement are based on
observed soil behavior in laboratory tests and on observed field behavior from earthquake
case histories. Because relatively few well-documented case histories of post-
liquefaction settlement are available, the uncertainty in predicted settlement is significant.
This chapter describes a series of procedures that can be used to estimate post-
liquefaction settlement for different earthquake scenarios, different ground motion hazard

levels, and different settlement hazard levels.

7.2 BACKGROUND

The most common form of liquefaction-induced settlement is that which results

from the volumetric compression that occurs when excess porewater pressures dissipate
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under level-ground conditions (i.e., when shearing deformations are insignificant). The
contractive nature of sands subjected to vibratory loading has been recognized for many
years. Silver and Seed (1971) showed experimentally that the densification of dry sands
subjected to cyclic loading depended on the density of the sand, the number of cycles of
loading applied to the sand, and the amplitude of the cyclic shear strain induced in the
sand. Over the years, several procedures for estimating the post-liquefaction settlement
of sands have been proposed.

Tokimatsu and Seed (1987) reviewed previous laboratory test data, which showed
post-liquefaction volumetric strain to be related to relative density and peak shear strain.
They then related relative density to SPT resistance and peak shear strain to cyclic stress
ratio to develop curves relating volumetric strain to (N;)e and CSR (Figure 7.1). The
curves in Figure 7.1 show that post-liquefaction volumetric strain increases with
increasing loading and decreasing SPT resistance and suggest that volumetric strains can
be as large as 10 percent in extremely loose sands. They also show that, for strong levels
of shaking, the soil reaches a limiting volumetric strain. The Tokimatsu and Seed
procedure computes ground surface settlement by integrating volumetric strain over the

depth of the liquefiable layer, i.e., as
AH = [ z,dz (7.1)

This integral is usually evaluated numerically by dividing the soil profile into a series of
sublayers of constant SPT resistance, and then summing the computed settlements of the
individual sublayers.

Ishihara and Yoshimine (1992) used a similar approach to the estimation of post-
earthquake settlement. Ishihara and Yoshimine developed a procedure that allows soil
density to be expressed in terms of relative density, SPT resistance, or CPT tip resistance;
peak shear strain is then correlated to density and factor of safety against liquefaction, as
shown in Figure 7.2. The resulting curves extend to FS; values of up to 2.0, which
provides the ability to estimate settlements associated with dissipation of pore pressures
lower than those required to trigger liquefaction; the curves indicate that no settlement
should be expected for FS;, > 2.0. Ishihara and Yoshimine’s curves can be used to
estimate the volumetric strain in each of a series of sublayers, after which settlement can

be computed by using Equation 7.1.
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Shamoto et al. (1998) used basic principles of soil mechanics along with
laboratory test results to define an expression for maximum residual volumetric strain,
(&vr)max» as a function of initial density (expressed in terms of a fines-adjusted SPT value)

and cyclic stress ratio. This strain is used to define a ground settlement potential

(D) s = [ () 02 (7.2)

which is interpreted as a conservative estimate of the expected settlement. By comparing
predicted values of the settlement index with actual values for a series of case histories,
the expected settlement value was found to be approximately 84 percent of the value
computed by using Equation (7.2). Therefore, the Shamoto et al. (1998) settlement can

be computed as

D, = 0.84] (£,) . 02 (7.3)
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Wu and Seed (2004) performed cyclic simple shear tests on a single sand and
developed a relationship between (N)s0.cs, CSR, and volumetric strain (Figure 7.4).
These curves are of the same form as those of Tokimatsu and Seed (Figure 7.1) and
Shamoto et al. (Figure 7.3). The Wu and Seed curves generally plot below those of
Tokimatsu and Seed (1987) and show a much weaker tendency for limiting strain
development (i.e., the curves do not become vertical at moderate CSR levels). In the Wu
and Seed model, settlements are computed by integrating volumetric strain over the

thickness of the soil profile, as described in Equation 7.1.

Residual volumetric strain potential
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Shamoto et al., 1998).

7.3 REQUIRED INFORMATION

Evaluation of settlement hazards requires characterization of subsurface

conditions, principally soil density, fines content, and groundwater conditions, to
sufficient depth to characterize all potentially liquefiable soils (Chapter 4). Currently,

most available procedures for estimating post-liquefaction settlement use SPT resistance
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as a proxy for soil density. When additional case histories with measured CPT resistance
become available, CPT-based settlement procedures will undoubtedly become available.
Until that time, however, available CPT data should be transformed to equivalent SPT
resistances, with recognition of the uncertainty that exists in the transformation.

The post-liquefaction settlement procedures described in this chapter apply to
level ground conditions. It should be recognized that vertical movements of the ground
surface can also be caused by shearing mechanisms, e.g., lateral spreading, flow failure,
and bearing failure. Evaluation of those hazards requires information described in the
chapters on lateral spreading (Chapter 5) and residual strength (Chapter 7).

Finally, earthquake loading information is required. Most empirical predictions
of settlement require estimation of cyclic stress ratio to account for the effects of
earthquake loading on volumetric strain; one requires estimation of the factor of safety
against the initiation of liquefaction. The information required for estimating cyclic
stress ratio and factor of safety is described in Chapter 4. In the future, it is likely that
actual ground motion parameters will provide improved estimates of settlement, but

sufficient field data to validate such predictions are not yet available.

74 PROCEDURE

A number of procedures for estimating post-liquefaction settlement have been
developed and used in practice. The procedures are generally similar in that they all
provide an estimate of volumetric strain, which is then integrated one-dimensionally over
the thickness of the soil deposit to obtain a settlement index. The settlement index may
then be adjusted by a factor obtained by calibration against case histories of actual post-
liquefaction settlement.

The volumetric strain relationships used in the settlement calculations are based
on laboratory test results, generally for a small number of different sands. At this time,
the different procedures appear to predict average post-liquefaction settlements in case
history databases with about equal levels of accuracy; however, the predicted settlements
for individual case histories within the database can vary significantly. As a result, more
consistent and stable estimates of post-liquefaction settlement should be produced by a

combination of methods.
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The following sections describe four procedures for estimating post-liquefaction
settlement. The first two, Tokimatsu and Seed (1984) and Ishihara and Yoshimine
(1992), are the approaches most commonly used in contemporary geotechnical
engineering practice. The other two, Shamoto et al. (1998) and Wu and Seed (2004), are
more recent approaches based on extensive laboratory testing programs and field
calibration efforts. Recommendations for the combined use of these procedures are

presented in Section 7.6.

7.4.1. Determination of Cyclic Stress Ratio
All of the post-liquefaction settlement models share a common measure of
earthquake loading — the cyclic stress ratio. The cyclic stress ratio can be estimated in the

series of steps described in Section 5.4.1.

7.4.2 Tokimatsu and Seed Model
Tokimatsu and Seed (1984) used a correlation between (N)go and elative density
and an estimate of the shear strain potential of liquefied soil from (N,)eo and cyclic stress
ratio to produce the chart shown in Figure 7.1. The shear strain potential relationship was
based, in part, on engineering judgment. The Tokimatsu and Seed model can be
implemented in the following series of steps:
1. Develop profiles of measured SPT resistance and fines content within all
potentially liquefiable soils. The SPT equipment and procedures used to
obtain the measured SPT resistances should be recorded during the site
investigation and considered during the liquefaction potential evaluation
process. Interpolation of SPT resistances and fines contents between
points at which they are measured should be done with due consideration
of site geology.
2. Correct the measured SPT resistances for deviations from standard
equipment and procedures. Corrections for rod length, sampler type,
borehole diameter, and energy are described in Appendix A.
3. Compute clean sand corrected SPT resistance. The original Tokimatsu

and Seed paper is based on clean sand data and does not explicitly provide
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7.4.3

for a fines content correction. However, the reduction in measured SPT
resistance that results from the presence of fines is likely to lead to
overestimated volumetric strain when uncorrected SPT resistances are
used for very silty sands. As a result, the use of corrected SPT resistance
as obtained from the NCEER procedure (Table 5.4) is recommended.
Compute the volumetric strain for each sublayer. Using the curves in
Figure 7.1 and the previously determined CSR and (N)¢o values,
determine the corresponding values of volumetric strain.

Compute the expected settlement. The expected settlement is obtained as
the sum of all sublayer settlements, which are approximated assuming

constant volumetric strain within each sublayer, i.e.,

AH = Ztigvyi (7.4)
i=l

where n is the number of sublayers.

Ishihara and Yoshimine Model

The Ishihara and Yoshimine (1992) model parameterizes the loading differently

than the Tokimatsu and Seed (1984) model. Ishihara and Yoshimine (1984) use the

factor of safety against liquefaction , FSy, and various indicators of soil density (relative

density, SPT resistance, CPT resistance) to predict volumetric strain. The graphical

relationship (Figure 7.2) shows that volumetric strains increase when the factor of safety

drops below 1.0 — sharply for looser sands and gradually for denser ones. The Ishihara

and Yoshimine model can be implemented in the following series of steps:

1.

Develop profiles of measured SPT resistance and fines content within all
potentially liquefiable soils. The SPT equipment and procedures used to
obtain the measured SPT resistances should be recorded during the site
investigation and considered during the liquefaction potential evaluation
process. Interpolation of SPT resistances and fines contents between
points at which they are measured should be done with due consideration

of site geology.
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2. Correct the measured SPT resistances for deviations from standard
equipment and procedures. Corrections for rod length, sampler type,
borehole diameter, and energy are described in Appendix A. The
Japanese SPT value, N;, used in Figure 7.2, however, is based on an
energy ratio of 72 percent (i.e., (N; = 0.833(N1)¢0).

3. Compute the factor of safety against liquefaction. Using one of the
procedures described in Chapter 5, compute the factor of safety against
liquefaction for each sublayer.

4. Compute the volumetric strain for each sublayer. Using the curves in
Figure 7.2 and the previously determined FS; and density parameters,
determine the corresponding values of volumetric strain.

5. Compute the expected settlement. The expected settlement is obtained as
the sum of all sublayer settlements, which are approximated assuming

constant volumetric strain within each sublayer, i.¢.,

where N is the number of sublayers.

7.4.4 Shamoto et al. Model
The Shamoto et al. (1998) model is similar in form to the Tokimatsu and Seed

(1984) model, but the form of the volumetric strain model is based on a constitutive
model and laboratory test results. Volumetric strains were found to be related to
maximum shear strains in samples subjected to uniform amplitude cyclic loading. By
using a correction factor to account for transient loading effects, the chart shown in
Figure 7.3 was obtained for clear sands. Similar charts were produced for fines contents
of 10 percent and 20 percent. The settlement values obtained by directly integrating
volumetric strains were then compared with case history observations and a calibration
factor developed to optimize predictive accuracy in an average sense. The Shamoto et al.
model can be implemented in the following series of steps:

1. Develop profiles of measured SPT resistance and fines content within all

potentially liquefiable soils. The SPT equipment and procedures used to
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obtain the measured SPT resistances should be recorded during the site
investigation and considered during the liquefaction potential evaluation
process. Interpolation of SPT resistances and fines contents between
points at which they are measured should be done with due consideration
of site geology.

Correct the measured SPT resistances for deviations from standard
equipment and procedures. Corrections for rod length, sampler type,
borehole diameter, and energy are described in Appendix A. The
Japanese SPT value, N;, however, is based on an energy ratio of 72
percent (i.e., (N7 = 0.833(N)s0).

Compute the clean sand corrected SPT resistance. The presence of fines
is accounted for by a fines correction to produce the fines-adjusted SPT
resistance, N,, used in Figure 7.3. The fines-adjusted SPT resistance is

calculated as

N, = N; + AN¢ (7.5)

where ANt is computed as

0 FC<5
AN, ={ FC-5 5<FC<10 (7.6)
0.1FC +4 FC>10

Compute the volumetric strain for each sublayer. Using the curves in
figures 7.3 (clean sand), 7.5 (10 percent fines), 7.6 (20 percent fines) and
the previously determined CSR and (N,)¢ values, determine the
corresponding values of maximum residual volumetric strain, (€y;)max. The
shear stress ratios shown on the ordinates of those plots are equivalent to
CSR.

Compute the expected settlement. The expected settlement is obtained as
the sum of all sublayer settlements, which are approximated assuming
constant volumetric strain within each sublayer, i.¢.,

AH =0.84>"t,(¢,,)

i=l

(7.7)

max
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where n is the number of sublayers.
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(after Shamoto et al., 1998).

7.45 Wu and Seed Model

The Wu and Seed (2004) model is also similar to the Tokimatsu and Seed (1984)
model, but the volumetric strain curves are based upon the results of cyclic simple shear
tests on a single sand. The model has been calibrated against field case history data,
however, and found to predict observed settlements about as accurately as the other
models described here. The Wu and Seed model can be implemented in the following
series of steps:

1. Develop profiles of measured SPT resistance and fines content within all

potentially liquefiable soils. The SPT equipment and procedures used to

obtain the measured SPT resistances should be recorded during the site

investigation and considered during the liquefaction potential evaluation

process. Interpolation of SPT resistances and fines contents between
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points at which they are measured should be done with due consideration
of site geology.

2. Correct the measured SPT resistances for deviations from standard
equipment and procedures. Corrections for rod length, sampler type,
borehole diameter, and energy are described in Appendix A.

3. Compute the clean sand corrected SPT resistance. The presence of fines
is accounted for by a fines correction. The fines content correction

provides a clean sand SPT value given by

(N0 FC<5
FC
(NDgoes = 1(N)g | 1+ 0.004FC +0.05 5<FC<35 (7.8)
1760
14
(N {1.14+ } FC>35
(N

where FC = fines content in percent.

4. Compute the volumetric strain for each sublayer. Using the curves in
Figure 7.4 and the previously determined CSR and (N;)so values,
determine the corresponding values of volumetric strain.

5. Compute the expected settlement. The expected settlement is obtained as
the sum of all sublayer settlements, which are approximated assuming

constant volumetric strain within each sublayer, i.e.,

AH = te,,
i=l

where n is the number of sublayers.

7.5  DISCUSSION

The four post-liquefaction settlement procedures described in this chapter are all
quite similar, and they all predict the average settlements of a group of case histories with

about equal accuracy. All of the procedures compute settlement by integrating
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volumetric strain over the thickness of a soil profile, generally with an adjustment that
increases their overall consistencies with observed case history settlements.

The cyclic stress ratio for a typical liquefiable soil deposit with shallow
groundwater tends to decrease with depth. This fact, combined with the fact that
cohesionless soil compressibility decreases with increasing depth, helps explain why
liquefaction at depths greater than 15 to 20 m has not been observed to cause significant
surface effects.

The Tokimatsu and Seed (1984) procedure has likely been the most commonly
used in U.S. geotechnical engineering practice, followed by the Ishihara and Yoshimine
(1992) procedure. The two newer procedures bring the results of more detailed
laboratory investigations to the problem. Although all four procedures predict settlement
with about equal overall accuracy, they predict settlements of some individual case
histories differently. For some case histories, the observed settlements are
underpredicted by some procedures and overpredicted by others. Using the average of all
four procedures, therefore, has the potential to improve prediction accuracy. It also
allows realization of the benefits of all four procedures and the laboratory testing, case
history databases, and volumetric strain models they incorporate. The average should

also produce more consistent estimates of post-liquefaction settlement.

7.6 RECOMMENDATIONS

The following sections present recommendations for evaluating post-liquefaction
settlements in potentially liquefiable soils. Such analyses should be performed following
an evaluation of liquefaction potential, and contributions to post-liquefaction settlement

should only be considered for soils in which liquefaction is initiated.

7.6.1 Single-Scenario Analyses

Use of the single-scenario approach is not recommended for analysis or design. It
requires representation of the entire ranges and distributions of magnitude and PGA
affecting a site by a single magnitude-PGA pair. Its only advantage over the multiple
scenario approach is in speed (i.e., fewer calculations), and that advantage is effectively

eliminated by the multiple-scenario option in the WSliq program. The single-scenario
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option is useful, however, for investigating the sensitivity of liquefaction potential to

various combinations of magnitude and distance.

7.6.2 Multiple-Scenario Analyses

For analysis and design at this time, the use of weighted multiple-scenario
analyses is recommended. Multiple-scenario analyses properly account for the range and
distribution of earthquake magnitudes that contribute to ground motion hazard. Those
distributions, as obtained from USGS deaggregation files, are built into the WSliq
program so that performing a multiple-scenario analysis is no more difficult than
performing a single-scenario analysis.

The availability of multiple credible procedures for evaluating post-liquefaction
settlement should also be taken advantage of. The use of weighted average settlements,
based on contributions from the Tokimatsu and Seed, Ishihara and Yoshimine, Shamoto
et al., and Wu and Seed procedures, is recommended. The weighting factor for any
procedure should be not be less than 0.1, and the four weighting factors should add up to
1.0. The WSIliq program allows the entry of weighting factors and the computation of
individual and weighted average factors of safety. Although they can be changed
manually, the default weighting factors in WSliq are given in Table 7.1.

Table 7.1. Default weighting factors for post-liquefaction settlement models in WSIiq.

Model Weighting factor
Tokimatsu and Seed (1984) 0.25
Ishihara and Yoshimine (1992) 0.25
Shamoto et al. (1998) 0.25
Wu and Seed (2004) 0.25

7.6.3 Performance-Based Analyses

As part of the research described in this report, a performance-based procedure
for estimating post-liquefaction settlement was developed. Since a performance-based
procedure requires a probabilistic estimate of response, the predictions of the Wu and
Seed model were analyzed and used to develop the performance-based model. A detailed

description of the performance-based model is given in Appendix F.
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A transition toward the use of performance-based concepts in the evaluation of settlement
hazards is recommended. The performance-based approach, as described in Chapter 3,
considers all possible ground motion levels (rather than just a single level, as in the
multiple scenario approach) and thereby produces a more complete and consistent
evaluation of thesettlement hazard. Use of the performance-based approach, however,
requires different performance criteria because that approach can predict the actual return
period of different settlements (rather than the settlement for an event with a single,

specified return period).

7.7 OTHER CONSIDERATIONS

The procedures described in this chapter apply to the settlements caused by
volume change associated with the dissipation of excess porewater pressure in liquefiable
soils. It should be recognized that apparent settlement of liquefiable soils can also be
associated with shearing deformations that occur with no volume change. In soil deposits
subject to lateral spreading, vertical deformations may occur as a result of both porewater
pressure dissipation and shearing.

Post-earthquake settlements can also occur in soils not susceptible to liquefaction,
such as dry sands and even compacted fills. Procedures for estimating settlements under

such conditions are described by Whang et al. (2004; 2005).

7.8 EXAMPLES

The procedures for evaluating settlement described in the preceding sections can
be illustrated by a series of examples. The examples show the results of single-scenario,
multiple-scenario, and performance-based analyses for a hypothetical soil profile (Figure
7.7) assumed to exist at different locations within Washington State. The hypothetical
soil profile used for the settlement examples is identical to that used for the liquefaction
initiation examples (Figure 5.4) except that the SPT values are 5 blows/ft lower at all
depths.

The following sections present the results of various analyses performed with the

WSIiq program at different locations in Washington State.
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Figure 7.7. Subsurface profile for idealized site.

7.8.1 Single-Scenario Analyses

Single-scenario post-liquefaction settlement analyses, as described in Section
7.6.1, are useful for quickly estimating settlements under various assumed scenarios and
for evaluating sensitivities to variations in different earthquake and/or site parameters.
For example, Table 7.2 shows the computed post-liquefaction settlements for the
hypothetical soil profile shown in Figure 7.7 located in seven cities across Washington
state. Three of the four settlement values are reasonably consistent, but the Shamoto et
al. values tend to be somewhat higher, particularly in Long Beach, which is affected by

longer duration, larger magnitude events.

Table 7.2 Computed post-liquefaction settlements for various scenarios assuming mean and modal
magnitudes and distances associated with 975-year ground motion hazard level.

Post-Liguefaction Settlement (m)
Location Tokimatsu- Ishlhar_a- Shamoto et al. Wu-Seed
Seed Yoshimine

Seattle 0.20 0.30 0.62 0.26
Vancouver 0.16 0.23 0.34 0.18
Long

Beach 0.21 0.32 0.96 0.33
Bellingham 0.13 0.20 0.27 0.14
Olympia 0.17 0.24 0.37 0.19
Pasco 0 0 0 0
Spokane 0 0 0 0
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7.8.2 Multiple-Scenario Analyses

Multiple-scenario settlement analyses, as described in Section 7.6.2, allow
consideration of all magnitudes contributing to the ground motion hazard at a particular
site. The multiple-scenario analysis eliminates the need to choose between mean, modal,
or other magnitudes because all contributing magnitudes are used with weights
proportional to their contribution to peak ground acceleration. The 475-year settlements
from the multiple-scenario analyses shown in Table 7.3 are more consistent than those

obtained from the various single-scenario options described in the preceding section.

Table 7.3 Computed post-liquefaction settlements for multiple-scenario magnitudes associated with
975-year ground motions.

Post-Liquefaction Settlement (m)
Location Tokimatsu- Ishlhar_a- Shamoto et al. Wu-Seed
Seed Yoshimine

Seattle 0.19 0.28 0.60 0.25
Vancouver 0.13 0.18 0.38 0.15
Long

Beach 0.21 0.32 0.98 0.33
Bellingham 0.12 0.18 0.28 0.14
Olympia 0.15 0.22 0.40 0.18
Pasco 0.01 0.01 0.01 0.01
Spokane 0 0 0 0

7.8.3 Performance-Based Analyses

Performance-based settlement analyses, as described in Section 7.6.3, allow the
most complete characterization of post-liquefaction settlement hazards in that all
scenarios, ranging from frequent, relatively weak shaking to rare, strong shaking with
explicit consideration of all contributing magnitudes and distances, are accounted for.
Performance-based analyses allow calculation of post-liquefaction settlement hazard
curves. Figure 7.8 shows the settlement hazard curves for the hypothetical profile of
Figure 7.7 when located in each of the seven previously considered cities. Table 7.4

presents the 975-yr settlement values for each of these locations.
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Figure 7.8. Seismic hazard curve for post-liquefaction settlement.

Table 7.4 Computed post-liquefaction settlements for various scenarios associated with 475-year and
975-year ground motions.

L ocation 475-year Post-Liquefaction 975-year Post-Liquefaction
Settlement (m) Settlement (m)
Seattle 0.35 0.37
Vancouver 0.29 0.34
Long 0.32
Beach 0.35
Bellingham 0.30 0.34
Olympia
Pasco
Spokane
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Chapter 8
Residual Strength of Liquefied Soll

8.1 INTRODUCTION

Once a soil has been determined to be susceptible to liquefaction and the

anticipated loading sufficient to initiate liquefaction, the potential for gross instability
must be considered. The most dangerous form of instability is the development of a flow
slide, which can involve a tremendous volume of soil and produce very large soil
deformations. Structures supported on soils involved in flow slides are almost invariably
destroyed or damaged beyond repair. Furthermore, structures located on stable ground
below flow slides can be damaged by the impact of flowing soil. Flow slides usually
occur adjacent to bodies of water (lakes, rivers, bays) where the combination of sloping
ground and loose, saturated soil promotes their occurrence; thus, their potential for
damaging bridges, bridge approaches, and roadways must be considered. Evaluation of
the potential for flow slide development requires evaluation of the residual strength of a
liquefied soil.

Estimation of the residual strength of liquefied soil has proven to be one of the
most difficult problems in geotechnical earthquake engineering practice. Several
procedures have been proposed, but all produce highly uncertain estimates of residual
strength. Complicating their use is the fact that the uncertainty has not been quantified.
As a result, residual strength estimates are frequently made on an inconsistent, ad hoc
basis in practice. This chapter provides a brief review of past work in the area of residual
strength prediction, and recommended procedures for estimating residual strength.

Examples of residual strength estimation are also included.

8.2 BACKGROUND

It is important to recognize that flow slide failures are driven by static stresses; the

role of an earthquake is to produce sufficient porewater pressure to cause the available

shear strength of the soil to drop from its original value to its residual value. In many
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cases, the original (pre-earthquake) shear strength is sufficient to support structures such
as bridges, approach embankments, and retaining walls, but the residual strength is not.
When liquefaction occurs in such cases, the static driving stresses, i.¢., the shear stresses
required to maintain static equilibrium, exceed the available strength of the soil. As in
any case in which static stresses exceed static strengths, failure will occur. What makes
liquefaction-related flow slides particularly troublesome, however, is the degree to which
(and speed with which) the available strength can be reduced. In some soils, the residual
strength can be a very small fraction of the original strength, in which case the
unbalanced forces (driving minus resisting) are quite large; these unbalanced forces
accelerate the soil above a failure surface and cause large and rapid movements in the
downslope direction. Flow slide failures are characterized by the sudden nature of their
origin, the speed with which they develop, and the large distance over which the liquefied
materials often move.

Several mechanisms can lead to flow failures, and the existence of these different
mechanisms complicates the process of residual strength estimation. In some cases,
liquefaction can be triggered under truly undrained conditions during earthquake shaking;
the residual strength will therefore be the residual strength of the soil at its in situ (and
pre-earthquake) density. In other cases, high excess porewater pressures generated in one
area of a soil deposit may migrate into another area following the earthquake; if the latter
area is one that is more critical than the former from a stability standpoint, flow failure
may occur at some time following earthquake shaking. Similar behavior can occur when
the redistribution of porewater pressure is impeded by silt lenses or other low-
permeability materials; in such cases, rebound of the soil skeleton under the lower
effective stresses produced by the migrating porewater pressures can lead to a reduced
residual strength, and eventually to flow failure following ground shaking. Finally, flow
failures can occur on interfaces, such as the interface between a pile and the adjacent soil,
when porewater pressures become high; because no dilation may be required (for smooth
foundation elements), such failures can occur in both loose and dense soils, although the
effects are likely to be much more severe in loose soils than in dense.

A number of different approaches to the problem of residual strength estimation

are available; in order to put the different methods into perspective, they are briefly
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reviewed here. The different methods have advantages and limitations, and the available
data with which to compare their relative validities are not as extensive as is desired.

Early work on the shear strength of liquefied soil concentrated on measurement of
that strength in the laboratory. Castro (1969) used undrained triaxial tests on samples of
very loose to medium dense clean sands to develop a framework for understanding the
behavior of liquefiable sands that remains helpful to this day. Poulos et al. (1985)
extended observations from laboratory tests to develop the concept of a steady state of
deformation for liquefiable soils. A soil shearing at constant volume and strain rate with
constant shear stress and normal effective stress was considered to be at the steady state
of deformation; the shearing resistance of the soil under those conditions was termed the
steady state strength. According to steady state concepts, the steady state strength is only
a function of the density of the soil. Tests have shown that the steady state strength
measured in the laboratory is quite sensitive to the density of the soil, hence small
uncertainties and/or variability in soil density can lead to substantial differences in
residual strength. Furthermore, the in situ density of a loose, saturated sand (the type of
soil that geotechnical engineers are most concerned about with respect to flow slides) is
very difficult to measure accurately. As a result of these difficulties, the steady state
approach has become more useful as a general framework for understanding soil behavior
than as a practical method for evaluating the shear strength of liquefied soil.

Recognizing the difficulties inherent in the laboratory-based steady state
approach, Seed (1986) developed a correlation between SPT resistance and the apparent
shear strength back-calculated from observed flow slide case histories. The back-
calculation procedure required identification of appropriate case histories, compilation of
data describing the geometry and material properties of those case histories,
determination of the spatial extent of liquefaction in each case history, characterization of
a “representative” SPT resistance for each case history, and back-calculation of the
apparent residual strength of the liquefied zone. By applying a consistent methodology to
a number of case histories, a relationship between the apparent residual strength and the
representative SPT resistance could be obtained. Seed and Harder (1990) provided an
update of Seed’s original procedure by using additional case history data and improved

procedures to account for the inertial effects in the back-calculation process; this update,

125



which has been commonly used in practice since its publication, is shown in Figure 8.1.
The figure presents the data obtained from the back-calculation analyses with a range of
residual strength values for most of the case histories, and upper and lower bound curves
that envelope the individual data points. While this represents a reasonable presentation
and interpretation of the available data, the range between the upper and lower bound
curves is quite wide. A soil with (N)s0cs = 10, for example, would have a residual
strength ranging from about 100 psf to 500 psf. Seed and Harder (1990) recommended
that “the lower-bound, or near lower-bound relationship between S; and (N;)so.cs ... be
used for residual strength analyses ...” because of the high degree of scatter and
uncertainty and the limited number of available case histories. The procedure does not,
however, provide detailed information on how the representative SPT resistances were
obtained for the different case histories, nor on how they should be obtained for a

particular site.
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Figure 8.1 Estimation of residual strength from SPT resistance (Seed and Harder, 1990).

Idriss (1999) re-evaluated the case histories of Seed and Harder (1990), adding
some and eliminating others, and developed a relationship between residual strength and
corrected SPT resistance. Idriss produced a single curve that represents residual strength
by a best-fit exponential function of median corrected SPT resistance (Figure 8.2); error

bars indicating uncertainty in the back-calculated residual strengths are also shown. The
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curve produced by Idriss passes through the lower portion of the range of Seed and
Harder. The Idriss curve is attractive in that it can be interpreted as a single
recommended residual strength value for a particular SPT resistance, and the SPT
resistance from which residual strength is to be estimated is defined in clear,

unambiguous terms.
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Figure 8.2 Estimation of residual strength from SPT resistance (ldriss, 1998).

Within the past 10 to 15 years, a different approach to estimating residual strength
has been developed. This approach is expressed in the form of a normalized residual
strength, i.e., a ratio of residual strength to initial effective overburden pressure. By
using the logic that soil density increases with effective overburden pressure and that
residual strength increases with increasing density, residual strength can be expected to
increase with increasing effective overburden pressure. Extending this argument to the
case in which the density and residual strength increase at exactly the same rate (in which
case the steady state line and the consolidation curve are parallel), the ratio of residual
strength to initial effective overburden pressure would be expected to be constant. This
concept has been applied to a number of soils with ratios of S;/c’y, reported as being in
the range of about 0.07 to 0.20. Stark and Mesri (1992) reasoned that the factors that
would influence the value of S,/c’,, for a particular soil would also affect penetration

resistance, and they developed a procedure to predict S;/c’y, as a function of SPT
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resistance. Olson and Stark (2002) revised the work of Stark and Mesri (1992) to
produce the updated relationship shown in Figure 8.3. Olson and Stark’s relationship is
based on a larger set of case history data (from which lateral spreading cases used in the
work of Seed and Harder were removed) and makes use of the mean (N;)¢o value within
the liquefied zone. Olson and Stark did not find a systematic variation of normalized
residual strength with fines content and therefore recommended no fines content

correction.
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Figure 8.3 Estimation of residual strength ratio from SPT resistance (Olson and Stark, 2002).

Idriss and Boulanger (2007) re-examined the case history database of Olson and
Stark (2002) and eliminated case histories they considered unreliable or insufficiently
documented. The used these data to develop predictive relationships for normalized
residual strength ratio as a function of corrected SPT resistance. Figure 8.4 shows the
residual strength ratio curves developed by Idriss and Boulanger for two conditions:
conditions in which significant void redistribution is not expected (upper curve) and

conditions in which void redistribution is expected to be significant (lower curve).
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Figure 8.4 Estimation of residual strength ratio from SPT resistance (Idriss and Boulanger, 2007).

Kramer and Wang (2007) developed a hybrid procedure that combines elements
of the classical and normalized strength approaches. The hybrid model considers residual
strength to be a function of both corrected SPT resistance and effective stress, but without
the restriction of proportionality inherent in the normalized strength approach. The
hybrid model is of a general form derived from basic principles of soil mechanics and is
calibrated against a database of flow slide case histories with consideration of uncertainty
and quality. It considers the conditions under which flow slides are observed not to occur
in order to avoid underpredicting residual strength at low effective stress levels. The
hybrid model is formulated in both deterministic and probabilistic form; examples of the
residual strengths predicted by the deterministic model are shown in Figure 8.5. Kramer
and Wang did not find a systematic variation of residual strength with fines content in the

flow slide case history database and therefore recommended no fines content correction.
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8.3 REOQUIRED INFORMATION

Estimation of flow slide potential requires accurate characterization of the
geometry and properties of all soils, not just those for which liquefaction is expected.
The potential for flow sliding is evaluated by means of limit equilibrium slope stability
analyses, so all of the information needed to perform such analyses is required. This
includes the geometry, unit weight, and shear strength parameters for all non-liquefiable
soil units.

The pertinent soil properties for the liquefiable soils are density, penetration
resistance, and fines content; as in the case of evaluating liquefaction potential (Chapter
3), efforts must be expended to ensure that standard equipment/procedures, or accurate
corrections for non-standard equipment/procedures, are used in SPT testing. Some
models also require initial vertical effective stress for estimation of residual strength.
Calculation of vertical effective stress requires accurate determination of the thicknesses
and unit weights of all liquefiable and overlying layers; knowledge of the position of the
groundwater table is also important.

In addition, other factors beyond the standard factors considered in most stability
analyses can influence flow slide stability. Many potential flow slides involve masses of
soil sliding into bodies of water. This is the potential for hydroplaning, in which water

trapped beneath a portion of the rapidly sliding soil greatly reduces the apparent sliding
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resistance of those soils. While hydroplaning would not typically affect the results of an
analysis of the potential for flow sliding, it could significantly affect the runout distance
and, therefore, the potential effects of a flow slide. The potential for delayed failure
associated with pore pressure redistribution should also be evaluated; such failures occur
most frequently where liquefiable layers are “capped” by low permeability soil layers.
The subsurface investigation program should look carefully for the presence of silt or
clay lenses beneath which porewater could be trapped. Continuous lenses that are
unfavorably oriented could lead to impeded drainage and local reductions of soil density

that could significantly reduce the residual strength of the soil.

8.4 PROCEDURE

As mentioned previously, several approaches for estimating residual strength have
been developed and used in practice. These approaches are based on similar databases of
flow slide case histories but make different assumptions about the mechanisms of soil
behavior at large strain. The classical approach is commonly used in practice but
implicitly assumes that residual strength is related only to corrected SPT resistance, i.e.,
that the effects of effective stress are completely reflected in (N1)s0. The normalized
approach assumes direct proportionality of residual strength to effective stress and
thereby predicts unrealistically low residual strengths for soils at shallow depths. A
hybrid model, in which residual strength depends on both corrected SPT resistance and
effective stress, was developed as part of this research.

The following sections describe the three procedures for estimating residual
strength. Recommendations for the combined use of these procedures are presented in

Section 8.6.

8.4.1 Idriss Model

The Idriss model is of the classical form, in which residual strength is taken as a
unique function of corrected SPT resistance. It is similar to the procedure of Seed and
Harder (1990) but produces a single estimate rather than a wide band (Figure 8.1) of
residual strength values; the Idriss model corresponds to the lower portion of the Seed

and Harder band. The Idriss model is also based on an unambiguous measure of SPT
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resistance (i.e., median rather than “representative” SPT resistance). Estimation of

residual strength with the Idriss method can be accomplished in the following series of

steps:

1.

Identify the spatial extent of soil expected to liquefy. This can be
accomplished by using the liquefaction initiation procedures described in
Chapter 5.
Divide the liquefied region into zones of approximately constant SPT
resistance. For many sites, the liquefied zone may be treated as having a
single SPT resistance, but sites subjected to very strong shaking may have
liquefied soils with a range of SPT values.
Determine the average fines content for each zone of liquefied soil. This
may be done using statistical methods when sufficient data are available,
augmented by engineering and geological judgment when data are sparse.
Correct the SPT resistances for fines content. Using the results of the two
preceding steps for each zone of liquefied soil, compute

(NDsoes = (Ni)so + AN (8.1

where AN is a fines correction obtained from Table 8.1.

Table 8.1. Variation of fines content correction with fines content (Seed and Harder, 1990).

FC(%)| 0 | 10 | 25 | 50 | 75
AN 0o | 1] 2 4 5

5. Determine the median (N1)eo value for each zone of liquefied soil. This

may be done using statistical methods when sufficient data are available,
augmented by engineering and geological judgment when data are sparse.
Compute the residual strength using the median SPT values from Step 5.
The residual strength (in atm) from the Idriss model (Figure 8.2) is very
closely approximated by

S, =0.0239exp0.16(N, ), .| <0.5 (8.2)

Evaluate the potential for pore pressure redistribution effects. At present,
procedures for accurate, quantitative prediction of pore pressure

redistribution effects are not available. Experience has shown, however,
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8.4.2

that pore pressure redistribution can occur when liquefiable soil layers are
"capped" by impermeable layers of silt and/or clay. In such cases, residual
strengths may be lower than estimated on the basis of in situ SPT

resistances, so additional conservatism may be in order.

Normalized Strength Model — Olson and Stark
The normalized strength model of Olson and Stark (2002) accounts for the effects

of effective stress on the rate of increase of residual strength with SPT resistance. The

residual strength can be estimated by using the Olson and Stark model in the following

series of steps:

1.

Identify the spatial extent of the soil expected to liquefy. This can be
accomplished by using the procedures described in Chapter 5.

Divide the liquefied region into zones of approximately constant SPT
resistance and depth. Because the Olson-Stark model treats residual
strength as a function of both SPT resistance and effective stress, depth
must also be considered in representing the residual strength of a liquefied
zone.

Determine the average (N1)so value for each zone of liquefied soil. This
may be done using statistical methods when sufficient data are available,
and augmented by engineering and geological judgment when data are
sparse.

Determine the average initial vertical effective stress in each zone of
liquefied soil. Initial vertical effective stresses for each zone of liquefiable
soil are required. In general, calculation of initial vertical effective stress
based on a one-dimensional column of soil above the point at which
residual strength is being estimated will be sufficient.

Compute the residual strength. The residual strength (in atm) from the

Olson-Stark model (Figure 8.3) can be computed as

S, = 5[0.03+0.0075(N,),, | (8.3)

where G’y, 1s the vertical effective stress (in atm).
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6.

8.4.3

Evaluate the potential for pore pressure redistribution effects. At present,
procedures for accurate, quantitative prediction of pore pressure
redistribution effects are not available. Experience has shown, however,
that pore pressure redistribution can occur when liquefiable soil layers are
"capped" by impermeable layers of silt and/or clay. In such cases, residual
strengths may be lower than estimated on the basis of in situ SPT

resistances, so additional conservatism may be in order.

Normalized Strength Model - Idriss and Boulanger

The normalized strength model of Idriss and Boulanger (2007) accounts for the

effects of effective stress on the rate of increase of residual strength with SPT resistance.

The residual strength can be estimated by using the Idriss and Boulanger model in the

following series of steps:

1.

Identify the spatial extent of the soil expected to liquefy. This can be
accomplished by using the procedures described in Chapter 5.

Divide the liquefied region into zones of approximately constant SPT
resistance and depth. Because the Idriss-Boulanger model treats residual
strength as a function of both SPT resistance and effective stress, depth
must also be considered in representing the residual strength of a liquefied
zone.

Determine the average corrected (N1)socs Value for each zone of liquefied
soil. This may be done using statistical methods when sufficient data are
available, and augmented by engineering and geological judgment when
data are sparse. The same fines content correction used in the Idriss
(1998) model (Equation 8.1 and table 8.1) should be used.

Determine the average initial vertical effective stress in each zone of
liquefied soil. Initial vertical effective stresses for each zone of liquefiable
soil are required. In general, calculation of initial vertical effective stress
based on a one-dimensional column of soil above the point at which

residual strength is being estimated will be sufficient.
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5.

8.4.4

Compute the residual strength. The residual strength (in atm) from the

Idriss-Boulanger model (Figure 8.4) can be computed as

S,r :exp|:(N1)50,cs +((N1)60,cs _16J _3,0]-{1+exp(%—6.6ﬂ < tang' (8.3a)

G 16 21.2

for cases in which the effects of void redistribution are not expected to be

significant (i.e., upper curve in figure 8.4), or as

N NDgoes —16)
S,r exp!( 1) 60,05 +(( 1) 60.cs ) —3.0:l<tan¢' (8.3b)

O 16 212

for cases in which void redistribution is expected to be significant (i.e.,

lower curve in figure 8.4).

Kramer-Wang Hybrid Model

As part of the current research project, a hybrid model for residual strength was

developed. The hybrid model combines elements of both the classical and normalized

strength approaches but is not as restricted as either method. Residual strengths can be

estimated using the hybrid model in the following series of steps:

1.

Identify the spatial extent of the soil expected to liquefy. This can be
accomplished using the procedures described in Chapter 5.

Divide the liquefied region into zones of approximately constant SPT
resistance and constant depth. Because the Kramer-Wang model treats
residual strength as a function of both SPT resistance and effective stress,
depth must also be considered in representing the residual strength of a
liquefied zone.

Determine the average (N;)so value for each zone of liquefied soil. This
may be done using statistical methods when sufficient data are available,
augmented by engineering and geological judgment when data are sparse.
Determine the average initial vertical effective stress in each zone of
liquefied soil. Initial vertical effective stresses for each zone of liquefiable

soil are required. In general, calculation of initial vertical effective stress
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based on a one-dimensional column of soil above the point at which
residual strength is being estimated will be sufficient.
5. Compute the residual strength. The residual strength (in atm) from the

hybrid model can be computed as

S, = exp|-8.444+0.109N +5.3795 "' ~0.2530, | (8.4)

where N = average value of (N1)g0, S = mean vertical effective stress (in

atm), and

o, =4/1.627+0.000796N > +0.0194N —0.027NS *' —3.0995 "' +1.6355 *>

The hybrid model predicts residual strengths that vary with SPT resistance
and vertical effective stress as shown in Figure 8.4.

6. Evaluate the potential for pore pressure redistribution effects. At present,
procedures for accurate, quantitative prediction of pore pressure
redistribution effects are not available. Experience has shown, however,
that pore pressure redistribution can occur when liquefiable soil layers are
"capped" by impermeable layers of silt and/or clay. In such cases, residual
strengths may be lower than estimated on the basis of in situ SPT

resistances, so additional conservatism may be in order.

8.5 DISCUSSION

Figure 8.5 shows how the Idriss, Olson-Stark, and hybrid models predict back-
calculated residual strengths from observed flow slide case histories. The plots indicate
that the uncertainty in predicted residual strength is significant. The level of scatter in
Figure 8.5 can be seen to be lowest for the hybrid model. For some projects, it may be
advisable to perform probabilistic stability analyses when the potential for flow sliding
exists, particularly given the high degree of uncertainty in residual strength estimation. A

probabilistic version of the Kramer-Wang hybrid model can be expressed as
S, (P)=exp|inS, + @ (P)o, ¢ | (8.5)

where P is the probability of non-exceedance (i.e., the percentile value), and
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InS: =-8.444+0.109N +5.379(c",, )"

G5, = oh+0.00073N" COVi +4.935(8 ) cov2.,

o2 =1.627+0.00073N? +0.0194N —0.027NS *' —=3.099S *' +1.621S **

While the median predicted residual strength of a loose ((N;)so = 10) sand at
shallow depth (c'y, = 1 atm) is about 0.11 atm, for example, there is a 10 percent chance

that the residual strength is below 0.042 atm and above 0.27 atm.
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Figure 8.6 Comparison of back-calculated residual strengths with residual strength values predicted by (a)
Idriss model, (b) Olson-Stark model, and (c) deterministic hybrid model.

Note that the deterministic model of Equation 8.4 is equivalent to the probabilistic
model of Equation 8.5 with P = 0.4, COVy = 0.3, and COV4 = 0.05; the P = 0.4 curve
was found to provide a lower boundary to the back-calculated residual strengths for all
available, well-documented flow slide case histories. As shown in Figure 8.6, the effects
of different levels of uncertainty in SPT resistance and initial vertical effective stress are

relatively small in comparison to the substantial uncertainty in available case history data.
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Figure 8.7 Probability density functions for residual strength: (a) different uncertainties in SPT
resistance, and (b) different uncertainties in initial vertical effective stress.

8.6 RECOMMENDATIONS

As previously discussed, prediction of residual strength is a very difficult
problem. The classical and normalized strength approaches can produce substantially
different results under certain conditions, and available data with which to confirm the
potential superiority of either are not available. The hybrid model, which predicts
observed case history behavior more accurately than either, produces residual strength
estimates that fall between those of the classical and normalized strength models.

For design and evaluation purposes, the use of a weighted average of the residual
strengths produced by the three models described in Section 8.4 is recommended. The

recommended weighting factors are given in Table 8.2.

Table 8.2 Weighting factors for residual strength estimation

Model Weighting Factor
Idriss 0.2
Olson-Stark 0.2
Idriss-Boulanger 0.2
Hybrid 0.4

8.7 OTHER CONSIDERATIONS

Because the residual strength of liquefied soil is a relatively poorly understood
topic, there are a number of factors that are not included in most quantitative residual
strength models but that still merit consideration in the evaluation of an appropriate

residual strength value for design and hazard evaluation.
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8.7.1 Pore Pressure Redistribution

The development of excess porewater pressure in liquefiable soils typically
produces hydraulic gradients that drive porewater flow both during and after earthquake
shaking. Such flow is accompanied by redistribution of porewater pressures and, hence,
changes in effective stress. When this occurs, the density of the soil will change as the
effective stress changes. At some sites, soil layers in which high porewater pressures are
likely to be generated are overlain by low-permeability soils. Of particular concern is the
case in which porewater pressures migrate upward, thereby decreasing the effective
stress, and consequently the density, of the soil just below the low-permeability layer.

Because residual strength is sensitive to soil density, the reduction in density can
cause the available residual strength of the soil to drop below the shear stress required for
static equilibrium and lead to flow slide deformations. The degree to which this
phenomenon can occur depends on the density, thickness, and permeability of the zone of
high porewater pressure, as well as on its geometric relationship to zones that are critical
from a static stability standpoint; relatively thick zones of loose soil with high porewater
pressures can generate substantial volumes of flow that are more likely to produce
density changes.

Formal procedures for evaluating reductions in residual strength due to pore
pressure redistribution are not available at this time. As a result, an element of
engineering judgment is required to account for the potential effects of pore pressure
redistribution. It is recommended that such judgment should consider the potential for
significant density change, estimate the effects of that density change on the apparent
SPT resistance of soil in stability-critical regions, and use a modified SPT resistance with

the procedures presented in this chapter to estimate the available residual strength.

8.7.2 High SPT Values

Available case history data contain no observations of flow slides in soils with
corrected clean sand SPT resistances of greater than about 14 to 16. Furthermore,
laboratory test data suggest that undrained residual strength increases rapidly with
increasing density beyond levels corresponding to that range of SPT resistance. The

Idriss, Idriss-Boulanger, and hybrid models all predict increasing rates of residual
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strength with increasing SPT resistance; the Olson-Stark model does not. The extent to
which any of the residual strength models can be reliably extrapolated to high SPT
resistances is not established; however, it appears that the recommended weighted
average of the four models can be used to provide guidance for residual strength
estimation for corrected SPT values of up to 20 blows/ft. Residual strength values
greater than those predicted by these models for SPT values of 20 blows/ft may be
unconservative, so it is recommended that residual strengths be capped at the levels
corresponding to corrected SPT values of 20 blows/foot unless special investigations

provide justification for the use of higher strengths.

8.7.3 Consideration of Uncertainty

Although the Idriss, Olson-Stark, and Idriss-Boulanger models provide
deterministic equations for estimating residual strength, they should be recognized as
approximations to sets of scattered data. The hybrid model quantifies the uncertainty in
residual strength and allows estimation of a probability distribution for residual strength.
A specific probability level for design or evaluation must be selected by the designer with
due consideration of the risk and consequences of a flow slide failure. Rather than
selecting a particular probability level for design, however, it would be preferable to
perform a probabilistic slope stability analysis in which a mean factor of safety is
computed as a weighted average for a range of residual strengths each weighted by its
respective probabilities; in this way, the mean factor of safety reflects the entire range of
residual strengths expected for the soil in question.

Another factor that should be considered in flow slide stability analyses is the
spatial variability of in situ soil density. If spatial variability is not random and/or
isotropic, there may be some potential for looser (hence, lower residual stren