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ABSTRACT

Strain wedge(SW) model formulation has been used, in previous work, to evaluate the response of
a single pile or a group of piles (including its pile cap) in layered soils to lateral loading. The SW
model approach provides appropriate prediction for the behavior of an isolated pile and pile group
under lateral static loading in layered soil (sand and/or clay). The SW model analysis covers a wide
range over the entire strain or deflection range that may be encountered in practice. The method
allows development of p-y curves for the single pile based on soil-pile interaction by considering
the effect of both soil and pile properties (i.e. pile size, shape, bending stiffness, and pile head fixity
condition) on the nature of the p-y curve. In the SW model analysis, clay is assumed to respond
under undrained conditions considering the effect of porewater pressure, and sand is subjected to

drained conditions (no excess porewater pressure).

This study has extended the capability of the SW model in order to predict the response of a laterally
loaded isolated pile and pile group in liquefiable soil by accounting for the developing excess
porewater pressure in sand (undrained conditions) either in the near- or free-field. In order to
accomplish such a goal, a series of formulations has been developed to assess the undrained
behavior of saturated sand from its drained response, and to predict the potential of sand to liquefy
under different circumstances. The SW model has shown the capability to evaluate such soil
response due to both the near field porewater pressure around the loaded pile and the free-field

excess porewater pressure due to level ground earthquake shaking after Seed.

The undrained results obtained using the SW model are significantly different than the drained
results for a pile or pile group driven into a site with liquefiable soil.. The assessed results foretell
that the behavior of laterally loaded piles is function of both soil and pile properties and is
influenced by the level of porewater pressure build-up in the soil surrounding the pile. The capacity

of a loaded pile or pile group might significantly drop under such conditions.
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CHAPTER 1

INTRODUCTION

This report provides a summary of strain wedge model assessment of the behavior of piles and pile
groups subjected to lateral loading in liquefied soil. The computer program attached to this report
is capable of assessing the response of a single pile and pile group in liquefiable soils and generating

the p-y curves for various soil and pile conditions for use in other programs.

The strain wedge model as proposed by Norris (Abdollaholiaee, 1985; Gowda, 1991; Ashour, 1996)
relates one-dimensional beam on elastic foundation analysis to the three-dimensional soil pile
interaction response. It relates the deflection of a pile versus depth (or its rotation) to the relative
soil strain that exists in the growing passive wedge which develops in front of a pile under horizontal
load. The strain wedge model assumes that the deflection of a pile under increasing horizontal load
is due solely to the deformation of the soil within the mobilized passive wedge, that plane stress

change conditions exist within the wedge, and that soil strain is constant with depth in the current

wedge.

The passive wedge will exhibit a height that corresponds to the pivot point as determined by a linear
approximation of the pile deflection. If the soil strain is known, an equivalent linear Young's
modulus value, associated with the soil within the wedge at any depth, can be determined.
Assuming plane stress change conditions exist, the increase in horizontal stress can then be
determined. In addition, the beam-on-elastic-foundation line load reaction at any depth along the
pile face is equivalent to the increase in horizontal stress times the wedge width at that depth plus
the mobilized side shear resistance that develops at that depth along the pile faces parallel to the
direction of movement. Since the geometry of the developing wedge is based on known soil
properties and the current value of soil strain, the wedge width can be determined at any depth
within the wedge. An equivalent face stress from beam on elastic foundation (BEF) analyses can

therefore be related to the horizontal stress change in the soil.

The strain wedge model relates one-dimensional BEF analysis (p-y response) to a three-dimensional
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.soil pile interaction response. Because of this relation, the strain wedge model is also capable of
determining the maximum moment and developing p-y curves for a pile under consideration since
the pile load and deflection at any depth along the pile can be determined. A detailed summary of

the theory incorporated into the strain wedge model is presented in Chapter 2.

The problem associated with analyzing a pile group is that loading one pile in the group can
dramatically affect the response of other piles in the group. Since the strain wedge model
determines the geometry of the developing passive wedge, it allows any overlap between passive
wedges within the group to be quantified. By knowing the amount of passive wedge overlap, the
effective strain associated with the pile under consideration can be determined which ultimately

reduces the lateral load capacity of the pile for a given level of deflection.

This report illustrates the links between the single pile and the pile group analysis. This is different
from the current procedure in common use which employs a p-y multiplier technique. Such
multiplier technique is based on reducing the stiffness of the traditional (Matlock-Reese) p-y curve
using a multiplier that reduces the stiffness of the p-y curve of the single pile to yield a softer
response for an individual pile in the group. A detailed summary of the theory in which the strain

wedge analyzes pile group behavior is presented in Chapter 3.

The undrained behavior of saturated sands under monotonic, cyclic or dynamic loads is a research
area which commands the interest of many investigators in the geotechnical field. Several studies
have been conducted to provide a better understanding of the undrained behavior of saturated sand
under different types of loading. An approach for assessing the undrained axial compression
behavior of a saturated sand based on its drained behavior or effective stress response is given in this
report. The formulation presented is based on extensive experimental work performed for the Army
Corps of Engineers. One of the main points of interest in this study was to relate the undrained
strength of a sand to its initial state, and thereby allow the designer to predict the potential for a
saturated sand to liquefy. In other words, most of these investigations focused on the influence of
the consolidation pressure and the associated void ratio of the sand on the undrained behavior of the

saturated sand under monotonic and cyclic loading.
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The undrained behavior of isotropically consolidated saturated sand under monotonic loading is
characterized by a change in the excess porewater pressure which, in turn, leads to different forms
of undrained reponse. Such behavior featuring a positive build up in excess porewater pressure,
yields a contractive response. The growth of the excess porewater pressure continues until reaching
a stable value corresponding to the lowest value of undrained resistance of the sand, known as its
steady state strength. Moreover, the sand shows continuous large deformation under constant
effective confining pressure, constant shear stress, and constant rate of shear strain. Such behavior
of sand is known as complete liquefaction. However, saturated sands may exhibit a large increase
followed by a decrease in the excess porewater pressure which results in dilative response. Such

behavior is a consequence of the higher relative density of the sand.

Only soils that tend to decrease in volume during shear, i.e. contractive soils, suffer the loss of shear
resistance that results in liquefaction. However, even contractive soils are not susceptible to
liquefaction unless the driving shear stresses are large enough. Soils that tend to exhibit a net
increase in volume due to the imposed shear stresses, i.e. dilative soils, are not susceptible to
liquefaction because their undrained strength is equal to or greater than their drained strength. Itis

known that liquefaction may occur in silts, and quick clays as well as sands and silty sands.

Until recently, no one study provided a clear picture of the mobilized undrained behavior and the
associated effective stress path under the undrained monotonic loading. The available studies
indicated the potential for sand to liquefy and characterized it as liquefiable or non-liquefiable
material. The only way to assess the mobilized undrained behavior of a saturated sand (stress-strain
and stress path) under the monotonic loading was via laboratory testing. Consolidating the saturated
sand to different values of confining pressure or void ratio, a series of isotopically consolidated
undrained tests (ICU) allowed one to assess the variation in the peak undrained resistance, the

residual stress of the saturated sand and the associated levels of strain.

This work was developed to deal with uniform sands with different particles (well rounded,
subrounded, subangular, or angular) under different levels of confining pressure. The validity of
the work presented and the equations formulated are verified by several comparisons with observed

results of Nevada, lone, Ottawa, and Banding sands. The proposed evaluation of the deviatoric



stress-axial strain response of sand under undrained conditions allows the strain wedge model to
predict the response of a lateraliy loaded pile in saturated sand under undrained conditions. This

approach is presented in detail in Chapter 4.

A methodology to assess the response of an isolated pile and pile group in sand under undrained
conditions in the sand is presented in this report. The degradation in soil strength due to the free-
field excess porewater, generated by the earthquake, is considered along with the near-field excess
porewater pressure generated by lateral loading from the superstructure. The strain wedge (SW)
model has been extended to incorporate such undrained response characterization of a laterally
loaded pile in sand. Chapter 5 characterizes the reduction in pile response due to a drop in sand

strength and Young’s modulus as a result of developing liquefaction in the sand.
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CHAPTER 2

LATERAL LOADING OF A PILE IN LAYERED SOIL
USING THE STRAIN WEDGE MODEL

2.1 INTRODUCTION

The strain wedge (SW) model is an approach that has been developed to predict the response of a
flexible pile under lateral loading (Norris 1986, Ashour et al. 1996 and Ashour et al. 1998). The
main concept associated with the SW model is that traditional one-dimensional Beam on Elastic
Foundation (BEF) pile response parameters can be characterized in terms of three-dimensional
soil-pile interaction behavior. The strain wedge model was initially established to analyze a
free-head pile embedded in one type of uniform soil (sand or clay). However, the SW model has
been improved and modified through additional research to accommodate a laterally loaded pile
embedded in multiple soil layers (sand and clay). The strain wedge model has been further modified
to include the effect of pile head conditions on soil-pile behavior. The main objective behind the
development of the SW model is to solve the BEF problem of a laterally loaded pile based on the

envisioned soil-pile interaction and its dependence on both soil and pile properties.

The problem of a laterally loaded pile in layered soil has been solved by Reese (1977) as a BEF
based on modeling the soil response by p-y curves. However, as mentioned by Reese (1983), the
p-y curve employed does not account for soil continuity and pile properties such as pile stiffness,

pile cross-section shape and pile head conditions.

22 THE THEORETICAL BASIS OF STRAIN WEDGE MODEL
CHARACTERIZATION

The SW model parameters are related to an envisioned three-dimensional passive wedge of soil

developing in front of the pile. The basic purpose of the SW model is to relate stress-strain-strength

behavior of the soil in the wedge to one- dimensional BEF parameters. The SW model is, therefore,

able to provide a theoretical link between the more complex three-dimensional soil-pile interaction



and the simpler one-dimensional BEF characterization. The previously noted correlation between

the SW model response and BEF characterization reflects the following interdependence:

. the horizontal soil strain (€) in the developing passive wedge in front of the pile to the
deflection pattern (y versus depth, x) of the pile;

. the horizontal soil stress change (Ao,) in the developing passive wedge to the soil-pile
reaction (p) associated with BEF; and

. the nonlinear variation in the Young's modulus (E = Ag,/e) of the soil to the nonlinear
variation in the modulus of soil subgrade reaction (E, = p/y) associated with BEF

characterization.

The analytical relations presented above reflect soil-pile interaction response characterized by the
SW model that will be illustrated later. The reason for linking the SW model to BEF analysis 1s to
allow the appropriate selection of BEF parameters to solve the following fourth-order ordinary
differential equation to proceed.

4 2
el 22| + E@my + P | L2| =0 @.1)
d*x ~ d*x

The closed form solution of the above equation has been obtained by Matlock and Reese (1961) for
the case of uniform soil. In order to appreciate the SW model’s enhancement of BEF analysis, one
should first consider the governing analytical formulations related to the passive wedge in front of

the pile, the soil’s stress-strain relationship, and the related soil-pile interaction.

2.3  SOIL PASSIVE WEDGE CONFIGURATION IN UNIFORM SOIL

The SW model represents the mobilized passive wedge in front of the pile which is characterized
by base angles, ©,, and f3, the current passive wedge depth h, and the spread of the wedge fan angle,
@ ., (the mobilized friction angle). The horizontal stress change at the passive wedge face, Ag,, and
side shear, T, act as shown in Fig. 2.1. One of the main assumptions associated with the SW model
is that the deflection pattern of the pile is taken to be linear over the controlling depth of the soil near
the pile top resulting in a linearized deflection angle, J, as seen in Fig. 2.2. The relationship between

the actual (closed form solution) and linearized deflection patterns has been established by Norris
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(1986). This assumption allows uniform horizontal and vertical soil strains to be assessed (as seen
later in a Fig. 2.6). Changes in the shape and depth of the passive wedge, along with changes in the
state of loading and pile deflection, occur with change in the uniform strain in the developing
passive wedge. The configuration of the wedge at any instant of load and, therefore, mobilized

friction angle, @, and wedge depth, h, is given by the following equation:

P,

G)m =45 - —2-— (22)
or its complement
B =45 + % | 2.3)

The width, BC, of the wedge face at any depth is

BC =D + (h - x) 2tanf} tan@ 2.4)

where x denotes the depth below the top of the studied passive wedge, and D symbolizes the width
of the pile cross-section (see Fig. 2.1). It should be noted that the SW model is based upon an
effective stress analysis of both sand and clay soils. As a result, the mobilized fanning angle, ¢,

is not zero in clay soil as assumed by Reese (1958, 1983).

24 STRAIN WEDGE MODEL IN LAYERED SOIL ,

The SW model can handle the problem of multiple soil layers of different types. The approach
employed, which is called the muiti-sublayer technique, is based upon dividing the soil profile and
the loaded pile into sublayers and segments of constant thickness, respectively, as shown in Fig. 2.3.
Each sublayer of soil is considered to behave as a uniform soil and have its own properties according
to the sublayer location and soil type. In addition, the multi-sublayer technique depends on the
deflection pattern of the embedded pile being continuous regardless of the variation of soil types.
However, the depth, h, of the deflected portion of the pile is controlled by the stability analysis of
the pile under the conditions of soil-pile interaction. The effects of the soil and pile properties are

associated with the soil reaction along the pile by the Young's modulus of the soil, the stress level



in the soil, the pile deflection, and the modulus of subgrade reaction between the pile segment and
each soil sublayer. To account for the interaction between the soil and the pile, the deflected part
of the pile is considered to respond as a continuous beam loaded with different short segments of
uniform load and supported by nonlinear elastic supports along soil sublayers, as shown in Fig. 2.4.
At the same time, the point of zero deflection (X, in Fig. 2.4a) for a pile in a particular layered soil

varies according to the applied load and the soil strain level.

The SW model in layered soil provides a means for distinguishing layers of different soil types as
well as sublayers within each layer where conditions (g, SL, ¢,,) vary even though the soil and its
properties (Y, € or D, @, etc.) remain the same. As shown in Fig. 2.5, there may be different soil
layers and a transition in wedge shape from one layer to the next, with all components of the
compound wedge having in common the same depth h. In fact, there may be a continuous change
over a given sublayer; but the values of stress level (SL) and mobilized friction angle (¢,,) at the

middle of each sublayer of height, H,, are treated as the values for the entire sublayer.

As shown in Fig. 2.5, the geometry of the compound passive wedge depends on the properties and
the number of soil types in the soil profile, and the global equilibrium between the soil layers and
the loaded pile. An iterative process is performed to satisfy the equilibrium between the mobilized
geometry of the passive wedge of the layered soil and the deflected pattern of the pile for any level
of loading.

While the shape of the wedge in any soil layer depends upon the properties of that layer and,
therefore, satisfies the nature of a Winkler foundation of independent “soil”” springs in BEF analysis,
realize that there is forced interdependence given that all components of the compound wedge have
the same depth (h) in common. Therefore, the mobilized depth (h) of the compound wedge at any
time is a function of the various soils (and their stress levels), the bending stiffness (EI), and head
fixity conditions (fixed, free, or other) of the pile. In fact, the developing depth of the compound
wedge can be thought of as a retaining wall of changing height, h. Therefore, the resultant “soil”
reaction, p, from any soil layer is really a “soil-pile” reaction that depends upon the neighboring soil

layers and the pile properties as they, in turn, influence the current depth, h. In other words, the p-y
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response of a given soil layer is not unique. The governing equations of the mobilized passive wedge

shape are applied within each one- or two-foot sublayer i (of a given soil layer I) and can be written

as follows:
®,) =45 - (9., (2.5)
g 2
?,)
(B,) =45 + ) 2.6)
! 2
(EE)I =D + (h - x,) 2(tan[3m)i (tén(pm)i (2.7)

where h symbolizes the entire depth of the compound passive wedge in front of the pile and x;
represents the depth from the top of the pile or compound passive wedge to the middle of the

sublayer under consideration. The equations above are applied at the middle of each sublayer.

2.5  SOIL STRESS-STRAIN RELATIONSHIP
The horizontal strain (g) in the soil in the passive wedge in front of the pile is the predominant
parameter in the SW model; hence, the name “strain wedge”. Consequently, the horizontal stress
change (Ao,) is constant across the width of the rectangle BCLM (of face width BC of the passive
wedge ), as shown in Fig. 2.1. The stress-strain relationship is defined based on the results of the
isotropically consolidated drained (sand) or undrained (clay) triaxial test. These properties are
summarized as follows:

. The major principle stress change (Ao,) in the wedge is in the direction of pile movement,
and it is equivalent to the deviatoric stress change in the triaxial test as shown in Fig. 2.2
(assuming that the horizontal direction in the field is taken as the axial direction in the
triaxial test).

. The vertical stress change (Ao,) and the perpendicular horizontal stress change (Ac,,) equal
zero, corresponding to the standard triaxial compression test where deviatoric stress is
increased while confining pressure remains constant.

. The initial horizontal effective stress is taken as



o, =Ko =0
o vo vo

where K=1 due to pile installation effects. Therefore, the isotropic confining pressure in the triaxial

test is taken as the vertical effective stress (0 ,,) at the associated depth.

. The horizontal stress change in the direction of pile movement is related to the current level
of horizontal strain (¢) and the associated Young's modulus in the soil as are the deviatoric
stress and the axial strain to the secant Young’s modulus (E = Ao, /¢) in the triaxial test.

. Both the vertical strain (g, ) and the horizontal strain perpendicular to pile movement (&)
are equal and are given as
€,= £, = -VE

where v is the Poisson’s ratio of the soil.

It can be demonstrated from a Mohr’s circle of soil strain, as shown in Fig. 2.6, that shear strain, v,

is defined as

Y. l(e - ¢,)sin20, =

1+ in2©
i e ( v) sin20_ (2.8)

1

2

The corresponding stress level (SL) in sand (see Fig. 2.7) is
Ao, tan’(45 + @) - 1

SL = = 2.9
Ac,,  tan?(45 + @) - 1 @9

where the horizontal stress change at failure (or the deviatoric stress at failure in the triaxial test) is

thf = EW tan® (45 + %) - 1] (2.10)
In clay,
Ao
SL = —% Ac,, =2 S (211)
Ao, * .

where S, represents the undrained shear strength which may vary with depth. Determination of the

values of SL and ¢, in clay requires the involvement of an effective stress analysis which is

10
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presented later in this chapter.

The relationships above show clearly that the passive wedge response and configuration change with
the change of the mobilized friction angle (¢,,) or stress level (SL) in the soil. Such behavior
provides the flexibility and the accuracy for the strain wedge model to accommodate both small and

large strain cases.

A power function stress-strain relationship is employed in SW model analysis for both sand and clay
soils. It reflects the nonlinear variation in stress level (SL) with axial strain (¢) for the condition of
constant confining pressure. To be applicable over the entire range of soil strain, it takes on a form
that varies in stages as shown in Fig. 2.8. The advantage of this technique is that it allows the three
stages of horizontal stress, described in the next section, to occur simultaneously in different

sublayers within the passive wedge.

2.5.1 Horizontal Stress Level (SL)
Stage I (€ < &,)

The relationship between stress level and strain at each sublayer (i) in the first stage is assessed

using the following equation,

A €
SL, = —— exp(-3.707SL,) (2.12)

(),

where 3.707 and A ( A= 3.19) represent the fitting parameters of the modified hyperbolic

relationship, and &, symbolizes the soil strain at 50 percent stress level.

Stage II (€5, <€ < E590, )
In the second stage of the stress-strain relationship, Eqn. 2.12 is still applicable. However, the value
of the fitting parameter A is taken to vary in a linear manner from 3.19 at the 50 percent stress level

to 2.14 at the 80 percent stress level as shown in Fig. 2.8.

11



Stage III ( € 2 g, )
This stage represents the final 1oading zone which extends from 80 percent to 100 percent stress

level. The following Equation is used to assess the stress-strain relationship in this range,

SL, > 0.80 (2.13)

SL, = exp[an.Z + -—19—0—8-—}

me - a)

where m=59.0 and q=95.4 €, are the required values of the fitting parameters.
The three stages mentioned above are developed based on unpublished experimental results (Norris
1977). In addition, the continuity of the stress-strain relationship is maintained along the SL-¢ curve

at the merging points between the mentioned stages.

As shown in Fig. 2.9, if e, of the soil is constant with depth (x), then, for a given horizontal strain
(2), SL from Eqns. 2.12 or 2.13 will be constant with X. On the other hand, since strength, Aoy,
varies with depth (e.g., see Eqns. 2.10 and 2.11), Ao, (= SL Ao, ) will vary in a like fashion.
However, &, is affected by confining pressure (0 ,,) in sand, as is S, in clay. Therefore, SL for a

given € will vary somewhat with depth.

The Young’s modulus of the soil from both the shear loading phase of the triaxial test and the strain
wedge model is
(Ao, ): SL, (Ao,).

E = - i (2.14)
€ 1A

It can be seen from the previous equations that stress level, strain and Young's modulus at each
sublayer (i) depend on each other, which results in the need for an iterative solution technique to

satisfy the equilibrium between the three variables.

2.6 SHEAR STRESS ALONG THE PILE SIDES (SL)
Shear stress (1) along the pile sides in the SW model (see Fig. 2.1) is defined according to the soil
type (sand or clay).

12



2.6.1 Pile Side Shear in Sand

In the case of sand, the shear stress along the pile sides depends on the effective stress (0,,) at the
depth in question and the mobilized angle of friction between the sand and the pile (¢,). The
mobilized side shear depends on the stress level and is given by the following equation,

T, = (Evo)i tan((p:)‘_; where tan((ps)_ = 2tan((pm )i (2.15)

H

In Eqn. 2.15, note that mobilized side shear angle, tang,, is taken to develop at twice the rate of the
mobilized friction angle (tang, ) in the mobilized wedge. Of course, ¢, is limited to the fully

developed friction angle (¢) of the soil.

2.6.2 Pile Side Shear Stress in Clay
The shear stress along the pile sides in clay depends on the clay’s undrained shear strength. The
stress level of shear along the pile sides (SL,) differs from that in the wedge in front of the pile. The
side shear stress level is function of the shear movement, equal to the pile deflection (y) at depth x
from the ground surface. This implies a connection between the stress level (SL) in the wedge and
the pile side shear stress level (SL,) . Using the Coyle-Reese (1966) “t-z” shear stress transfer curves
(Fig. 2.10), values for SL, can be determined. The shear stress transfer curves represent the
relationship between the shear stress level experienced by a one-foot diameter pile embedded in clay
with a peak undrained strength, S, and side resistance, 1, (equal to { times the adhesional strength
aS,), for shear movement, y. The shear stress load transfer curves of Coyle-Reese can be
normalized by dividing curve A (0 <x <3 m) by { =0.53, curve B (3 <x <6 m) by { =0.85, and
curve C (x> 6 m) by { = 1.0. These three values of normalization (0.53, 0.85, 1.0) represent the
peaks of the curves A, B, and C, respectively, in Fig. 2.10a. Figure 2.10b shows the resultant
normalized curves. Knowing pile deflection (y), one can assess the value of the mobilized pile side
shear stress (T) as

T, = _(SLt),. (Tuu),. (2.16)
where -

(Tu); = C @ (S,), (2.17)

and « indicates the adhesion value after Tomlinson (1957).

13



. The normalized shear stress load transfer curves can be represented by the following equations.

For the normalized curves A (x <3 m) and B (3 <x <6 m),

_ 2
SL, =129y D - 405 y* D (2.18)

For the normalized curve C (x > 6 m)

SL, =323 yD -255y*D? (2.19)
where y in cm and D in m.

From the discussion above, it is obvious that SL, varies nonlinearly with the pile deflection, y, ata
given soil depth, x. Also, SL, changes nonlinearly with soil depth for a given value of soil strain (see

Fig. 2.11). These concepts are employed in each sublayer of clay.

2.7 SOIL PROPERTY CHARACTERIZATION IN THE STRAIN WEDGE MODEL

One of the main advantages of the SW model approach is the simplicity of the required soil
properties necessary to analyze the problem of a laterally loaded pile. The properties required
represent the basic and the most common properties of soil, such as the effective unit weight and

the angle of internal friction or undrained strength..

The soil profile is divided into one or two foot sublayers, and each sublayer is treated as an
independent entity with its own properties. In this fashion, the variation in soil properties or
response (such as €., and @, in the case of sand, or S, and ¢ , in the case of clay) at each sublayer
of soil can be explored. It is obvious that soil properties should not be averaged at the midheight
of the passive wedge in front of the pile for a uniform soil profile (as in the earlier work of Norris

1986), or averaged for all sublayers of a single uniform soil layer of a multiple layer soil profile.

2.7.1 Properties Employed for Sand Soil

. Effective unit weight (total above water table, buoyant below), ¥
. Void ratio, e, or relative density, D,
. Angle of internal friction, ¢
. Soil strain at 50% stress level, &,
14
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While standard subsurface exploration techniques and available correlations may be used to evaluate

or estimate ¥, e or D, and @, some guidance may be required to assess €.

The &, represents the axial strain (g, ) at a stress level equal to 50 percent in the €, -SL relationship
that would result from a standard drained (CD) triaxial test. The confining (consolidation) pressure
for such tests should reflect the effective overburden pressure (0 ,,) at the depth (x) of interest. The
&5, changes from one sand to another and also changes with density state. In order to obtain &, for
a particular sand, one can use the group of curves shown in Fig. 2.12 (Norris 1986) which show a
variation based upon the uniformity coefficient, C, and void ratio, e. These curves have been
assessed from sand samples tested with “frictionless” ends in CD tests at a confining pressure equal
to 42.5 kPa (Norris 1977). Since the confining pressure changes with soil depth, £, as obtained

from Fig. 2.12, should be modified to match the existing pressure as follows:

.. )] | (2.20)

(eso)i = (€50)a25 (m

(g, = (Evo ),-

tan’ [45 + —(&] - l} (2.21)

where 0, should be in kPa.

2.7.2 The Properties Employed for Normally Consolidated Clay
. Effective unit weight y
. Plasticity index, PI

. Effective angle of friction, ¢
. Undrained shear strength, S,
. Soil strain at 50% stress level, €

Plasticity index, PI, and undrained shear strength, S,, are considered the governing properties
because the effective angle of internal friction, @, can be estimated from the PI based on Fig. 2.13.

The &, from an undrained triaxial test (UU at depth x or CU with 0, = 6,,,) can be estimated based

15



on S, as indicated in Fig. 2.14.

An effective stress (ES) analysis is employed with clay soil as well as with sand soil. The reason
behind using the ES analysis with clay, which includes the development of excess porewater
pressure with undrained loading, is to define the three-dimensional strain wedge geometry based
upon the more appropriate effective stress friction angle, @,. The relationship between the normally
consolidated clay undrained shear strength, S, and 0, is taken as
S, =033 0, (2.22)

assumi

ng that S is the equivalent standard triaxial test strength. The effective stress analysis relies upon
the evaluation of the developing excess porewater pressure based upon Skempton's equation (1954),

1.e.

Au = B [Ao, + 4,(Ao, - Ao,)| (2.23)

where B equals 1 for saturated soil. Accordingly,

Au = Ao, + 4,(Ao, - Aoy) (2.24)
Note that Ao, =0 both in the shear phase of the triaxial test and in the strain wedge. Therefore, the
mobilized excess porewater pressure is

Au = 4, Ao, (2.25)
where Ao, represents the deviatoric stress change in the triaxial test and Ao, in the field, i.e.

Au = 4, Ag, (2.26)
Therefore, using the previous relationships, the Skempton equation can be rewritten for any sublayer
(i) as follows:

(Qu), = (4,), SL, (Ao, = (4,), SL, 2(S,), @.27)
The initial value of parameter A, is 0.333 and occurs at very small strain for elastic soil response.
In addition, the value of parameter A ; that occurs at failure at any sublayer (i) is given by the

following relationship.

Uy == |1+ —— - ==
2 (S, sing, (2.28)
(Evo)i
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after Wu (1966) as indicated in Fig. 2.15.
In Eqgn. 2.28, @ symbolizes the effective stress angle of internal friction; and, based on Eqn. 2.22,

S./0,, equals 0.33. However, A, is taken to change with stress level in a linear fashion as

(4,), = 0333 + SL, [(Auf),. - 0.333] (2.29)

By evaluating the value of A , one can effectively calculate the excess porewater pressure, and then
can determine the value of the effective horizontal stress, (G,, + Ag, - Au), and the effective
confining pressure, (G,, - Au) at each sublayer, as shown in Fig. 2.15. Note that the mobilized

effective stress friction angle, @_, can be obtained from the following relationship.

(6,,,),-] ) (Evo + Aoy, - A")i

2 (EVO - Au)i

tanz( 45 + (2.30)

The targeted values of (@,.); and SL, in a clay sublayer and at a particular level of strain (g) can be

obtained by using an iterative solution that includes Eqns 2.11 through 2.13, and 2.27 through 2.30.

2.8  SOIL-PILE INTERACTION IN THE STRAIN WEDGE MODEL
The strain wedge model relies on calculating the modulus of subgrade reaction, E,, which reflects
the soil-pile interaction at any level during pile loading or soil strain. E, also represents the secant

slope at any point on the p-y curve, i.e.
E =L 2.31)

Note that p represents the force per unit length of the pile or the BEF soil-pile reaction, and y
symbolizes the pile deflection at that soil depth. In the SW model, E, is related to the soil’s Young's
modulus, E, by two linking parameters, A and ¥_. It should be mentioned here that the SW model
establishes its own E_ from the Young's modulus of the strained soil, and therefore, one can assess
the p-y curve using the strain wedge model analysis. Therefore, E, should first be calculated using

the strain wedge model analysis to identify the p and y values.

Corresponding to the horizontal slice (a soil sublayer) of the passive wedge at depth x (see Fig. 2.1),
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the horizontal equilibrium of horizontal and shear stresses is expressed as

p; = (Ao,) BC,S, +21,D S, ' (2.32)

where S, and S, equal to 0.75 and 0.5, respectively, for a circular pile cross section, and equal to 1.0
for a square pile (Briaud et al. 1984). Alternatively, one can write the above equation as follows:
4 = p;/D ) BC,; S, . 271, S,

' (th )i D (th )i

(2.33)

where A symbolizes the ratio between the equivalent pile face stress, p/D, and the horizontal stress
change, Ag,, in the soil. (In essence, it is the multiplier that, when taken times the horizontal stress
change, gives the equivalent face stress.) From a different perspective, it represents a normalized
width (that includes side shear and shape effects) that, when multiplied by Ao, yields P/D. By
combining the equations of the passive wedge geometry and the stress level with the above

relationship, one finds that

h - x, anp tan s (o an
=S, [1 + ( )2t (pM)i) + 2% (0”"):' (t (p=).~

.= j d (2.
4, s (th)i in sand (2.34)
ho-x)2 © S, (SL
4-s, [1 . ( xt) (tanB,,, tan(P,,,)i] L2 ( t),- in clay (2.35)
D SL,

Here the parameter A is a function of pile and wedge dimensions, applied stresses, and soil
properties. However, given that Ao, = Ee in Eqn. 2.33,

p, =4,D (Ag,), =4, DE ¢ (2.36)
The second linking parameter, ¥, relates the soil strain in the SW model to the linearized pile

deflection angle, 6. Referring to the normalized pile deflection shape shown in Figs. 2.2 and 2.6

5 = % 2.37)
_2Y. - YZ“ $in2@_ (2.38)
and
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£ - €
Yo (275 (12 Ve (2.39)

2 2 2

where y denotes the shear strain in the developing passive wedge. Using Eqns. 2.38 and 2.39, Eqn.
2.37 can be rewritten as
e (1 + v)sin20

o = .
5 (2.40)

Based on Eqn. 2.40, the relationship between € and & can expressed as

P 241)
or 5 (
, |
II, -
(1 + v)sin20_ (2.42)

The parameter ¥ varies with the Poisson's ratio of the soil and the soil's mobilized angle of internal

friction (¢,,) and the mobilized passive wedge angle (0,,).

Poisson's ratio for sand can vary from 0.1 at a very small strain to 0.5 or lager (due to dilatancy) at
failure, while the base angle, @, can vary between 45° (for ¢_, = 0 at e= 0) and 25° (for, say, ¢, =
40° at failure), respectively. For this range in variation for v and ¢, the parameter ¥ for sand varies
between 1.81 and 1.74 with an average value of 1.77. In clay soil, Poisson's ratio is assumed to be
0.5 (undrained behavior) and the value of the passive wedge base angle, ®_, can vary between 45°
(for @ . =0 at £ = 0) and 32.5° (for, say, @, =25° at failure). Therefore, the value of the parameter
Y will vary from 1.47 to 1.33, with an average value of 1.4.

It is clear from the equations above that employing the multi-sublayer technique greatly influences
the values of soil-pile interaction as characterized by the parameter, A, which is affected by the
changing effective stress and soil strength from one sublayer to another. The final form of the
modulus of subgrade reaction can be expressed as

p, A4,DEE, 4,
(E-‘)i"= =

= —— D Y E, __ (2.43)
It should be mentioned that the SW model develops its own set of non-unique p-y curves which are

v, 8(h-x) (h-x)

function of both soil and pile properties, and are affected by soil continuity (layering) as presented

19



by Ashour et al. (1996).

2.9 PILE HEAD DEFLECTION

As mentioned previously, the deflection pattern of the pile in the SW model is continuous and linear.
Based on this concept, pile deflection can be assessed using a simplified technique which provides
an estimation for the linearized pile deflection, especially y, at the pile head. By using the
multi-sublayer technique, the deflection of the pile can be calculated starting with the base of the
mobilized passive wadge and moving upward along the pile, accumulating the deflection values at

each sublayer as shown in the following relationships and Fig. 2.16.
-H & =H = 2.44
yl H H ) II] ( )

where the ¥, value changes according to the soil type (sand or clay), and
Y, = LY i=1ton (2.45)
H. indicates the thickness of sublayer i and n symbolizes the current number of sublayers in the

mobilized passive wedge.

The main point of interest is the pile head deflection which is a function of not only the soil strain
but also of the depth of the compound passive wedge that varies with soil and pile properties and

the level of soil strain.

2.10 ULTIMATE RESISTANCE CRITERIA IN STRAIN WEDGE MODEL

The mobilized passive wedge in front of a laterally loaded pile is limited by certain constraint
criteria in the SW model analysis. Those criteria differ from one soil to another and are applied to
each sublayer. Ultimate resistance criteria govern the shape and the loading capacity of the wedge
in any sublayer in SW model analysis. The progressive development of the ultimate resistance with

depth is difficult to implement without employing the multi-sublayer technique.

2.10.1 Ultimate Resistance Criterion of Sand Soil
The mobilization of the passive wedge in sand soil depends on the horizontal stress level, SL, and

the pile side shear resistance, T. The side shear stress is a function of the mobilized side shear
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friction angle, @,, as mentioned previously, and reaches its ultimate value (¢, = @) earlier than the
mobilized friction angle, ¢, in the wedge (i.e. SL, > SL). This causes a decrease in the rate of
growth of sand resistance and the fanning of the passive wedge as characterized by the second term

in Eqns 2.32 and 2.34, respectively.

Once the stress level in a sublayer of the wedge reaches unity (SL, = 1), the stress change and wedge
fan angle in that sublayer cease to grow. However, the width BC of the face of the wedge can
continue to increase as long as € (and, therefore, h in Eqn. 2.7) increases. Consequently, “soil”
resistance, p, will continue to grow more slowly until a condition of initial soil failure (SL; = 1)

develops in that sublayer. At this instance, p = p,, where p,, in sand, given as

(P.,z,),. = (thf),- BC, S, + Z(Tf),- D S, (2.46)

P, 1S @ temporary ultimate condition, i.e. the fanning angle of the sublayer is fixed and equal to ¢,
but the depth of the passive wedge and, hence, BC will continue to grow. The formulation above
reflects that the near-surface “failure” wedge does not stop growing when all such sublayers reach
their ultimate resistance at SL = 1 because the value of h at this time is not limited. Additional load
applied at the pile head will merely cause the point at zero deflection and, therefore, h to move down
the pile. More soil at full strength (SL = 1) will be mobilized to the deepening wedge as BC and,

therefore, p,, increase until either flow around failure or a plastic hinge occurs.

Recognize that flow around failure occurs in any sublayer when it is easier for the sand at that depth
to flow around the pile in a local bearing capacity failure than for additional sand to be brought to
failure and added to the already developed wedge. However, the value at which flow failure occurs
[A; = (A » @u): = (Ao (Ay,) D] in sand is so large that it is not discussed here. Alternatively,
a plastic hinge can develop in the pile when the pile material reaches its ultimate resistance at a time
when SL; < 1 and A; <(A,,). In this case, h becomes fixed, and BG and p will be limited when SL,

becomes equal to 1.

2.10.2 Ultimate Resistance Criterion of Clay Soil
The situation in clay soil differs from that in sand and is given by Gowda (1991) as a function of the
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undrained strength (S); of the clay sublayer.

(Pui), = 10(,). D S, +2(5,) D 5, (2.47)

H

Consequently,

S
(Ault)i = D il

(thf)i ) 2(s,)

_ss, + 5, (2.48)

i

A, indicates the limited development of the sublayer wedge geometry for eventual development
of flow around failure (SL, = 1) and, consequently, the maximum fanning angle in that sublayer
becomes fixed, possibly at a value @_ < ¢. If a plastic hinge develops in the pile at SL; less than 1,

then h will be limited, but BC, and p, will continue to grow until A, is equal to A, or p; is equal to

(pult.) it

2.11 STABILITY ANALYSIS IN THE STRAIN WEDGE MODEL

The objective of the SW model is to establish the soil response as well as model the soil-pile
interaction through the modulus of subgrade reaction, E. The shape and the dimensions of the
passive wedge in front of the pile basically depend on two types of stability which are the local
stability of the soil sublayer and the global stability of the pile and the passive wedge. However,
the global stability of the passive wedge depends, in turn, on the local stability of the soil sublayers.

2.11.1 Local Stability of a Soil Sublayer in the Strain Wedge Model

The local stability analysis in the strain wedge model satisfies equilibrium and compatibility among
the pile segment deflection, soil strain, and soil resistance for the soil sublayer under consideration.
Such analysis allows the correct development of the actual horizontal stress change, Ao, , pile side
shear stress, T, and soil-pile reaction, p, associated with that soil sublayer (see Fig. 2.1). It is
obvious that the key parameters of local stability analysis are soil strain, soil properties, and pile

properties.

2.11.2 Global Stability in the Strain Wedge Model
The global stability, as analyzed by the strain wedge model, satisfies the general compatibility
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among soil reaction, pile deformations, and pile stiffness along the entire depth of the developing
passive wedge in front of the pilé; Therefore, the depth of the passive wedge depends on the global
equilibrium between the loaded pile and the developed passive wedge. This requires a solution for

Eqn. 2.1.

The global stability is an iterative beam on elastic foundation (BEF) problem that determines the
correct dimensions of the passive wedge, the corresponding straining actions (deflection, slope,
moment, and shear) in the pile, and the external loads on the pile. Satisfying global stability
conditions is the purpose of linking the three-dimensional strain wedge model to the BEF approach.
The major parameters in the pile global stability problem are pile stiffness, EI, and the modulus of
subgrade reaction profile, E, as determined from local stability in the strain wedge analysis. Since
these parameters are determined for the applied soil strain, the stability problem is no longer a soil
interaction problem but a one-dimensional BEF problem. Any available numerical technique, such
as the finite element or the finite difference method, can be employed to solve the global stability
problem. The modeled problem, shown in Fig. 2.4c, is a BEF and can be solved to identify the
depth, X, of zero pile deflection.

2.12 APPROACH VERIFICATION

Based on the SW model concepts presented in this chapter and Ashour et al. (1996), a computer
program (SWSG) has been developed to solve the problem of a laterally loaded isolated pile and a
pile group in layered soil (Ashour et al. 1996). Any verification of the methodology and algorithms
employed should incorporate comparisons to field and laboratory tests for single piles and pile
groups. The results presented below demonstrate the capability of the SW model approach and
SWSG program in solving problems of laterally loaded piles relative to different soil and pile
properties. It should be noted that pile and soil properties employed with the SW model analyses

for the following field tests are the same properties mentioned in the references below.

2.12.1 Mustang Island Full-Scale Load Test on a Pile in Submerged Dense Sand (Reese et
al. 1974 and Cox et al. 1974)

Figure 2.17 presents a comparison of field results versus SW model results and results obtained
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using the computer program COM624 (Reese 1977). Note that it is from this specific field test that
the COM624 p-y curves for sand were derived and, therefore, a good correspondence between
COM624 and measured results is to be expected. The SW model results in Fig. 2.17a are in
excellent agreement at lower pile-head deflections (lower strain levels) and within 5 percent at
higher levels of deflection (higher strain levels). The SW model predicted maximum moment of

Fig. 2.17b is in excellent agreement with measured results throughout.

2.12.2 Pyramid Building at Memphis, Tennessee, Full-Scale Load Test on a Pile in
Layered Clay Soil (Reuss et al. 1992)
A lateral load test was performed on a full-scale pile in downtown Memphis. In order to improve
the lateral capacity of the piles associated with this building, 1.8 meters of soft soil around the piles
was removed and replaced with stiff compacted clay. Since the improved soil profile consisted of
different types of soil, the corresponding test represents a layered field case study. The soil
properties of the fill soils and the second stratum (the natural clay soil) were modified by Reuss et
al. (1992) to force good agreement between the results assessed with COM624 (Reese 1977) and
the field results (see Fig. 2.18a). The measured values of the undrained shear strength of the first
and second strata were increased by 40 percent and 20 percent, respectively, to achieve such
agreement. The measured soil properties were employed with the SW model to analyze the response
of the pile in the improved soil profile. Figure 2.18a shows good agreement between the measured
values and SW model predicted pile-head response in the improved soil profile. Figure 2.18b shows
the pile-head response predicted by COM624 and SW model analysis for the same pile in the

original soil profile (natural clay at its measured undrained strength).

2123 Sabine River Full-Scale Load Tests on a Pile in Soft Clay (Matlock 1970)

The benefit of the Sabine River tests derives from having load tests on piles of both free- and fixed-
head conditions. Note that the results of the free-head test were performed to establish the p-y curve
criteria for piles in soft clay (Matlock 1970). As seen in Fig. 2.19a, the predicted free-head SW
model results are in good agreement with the observed results at the Sabine River site. At higher
levels of deflection, the results calculated using the SW model fall approximately 5 to 10 percent

below those measured in the field. By comparison, the SW model predicted and the observed
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. fixed-head pile response at Sabine River are in excellent agreement as shown in Fig. 2.19b. SW

model results were established for two cases, 1.e. the clay with a single average S, and, separately,

for a varying S,.

2.13 SUMMARY

The SW model approach presented here provides an effective method for solving the problem of a
laterally loaded pile in layered soil. This approach assesses its own nonlinear variation in modulus
of subgrade reaction or p-y curves. The strain wedge model allows the assessment of the nonlinear
p-y curve response of a laterally loaded pile based on the envisioned relationship between the three-
dimensional response of a flexible pile in the soil to its one-dimensional beam on elastic foundation
parameters. In addition, the strain wedge model employs stress-strain-strength behavior of the soil
as established from the triaxial test and the effective stress condition to evaluate the mobilized soil

behavior.

Compared to other approaches which have been developed empirically based upon a limited number
of field tests, the SW approach depends on well known or accepted principles of soil mechanics (the
stress-strain-strength relationship) and an effective stress soil analysis. Moreover, the required

parameters to solve the problem of the laterally loaded pile are a function of the basic soil properties

* that are typically available to the designer.
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CHAPTER 3

THE RESPONSE OF PILE GROUPS TO LATERAL LOADING
USING THE STRAIN WEDGE MODEL

3.1 INTRODUCTION

As discussed previously in Chapter 2, the prediction of single pile response to lateral loading using
the strain wedge model correlates traditional one-dimensional beam on an elastic foundation
response to the three dimensional soil-pile interaction. In particular, the Young's modulus of a soil
is related to a corresponding horizontal subgrade modulus; the deflection of the pile is related to the
strain that exists in the developing passive wedge in front of the pile; and the beam on an elastic
foundation line load for a given deflection is related to the horizontal stress change acting along the
face of the developing passive wedge. The three-dimensional characterization of the laterally loaded
pile in the SW model analysis provides an excellent chance to study the interference among the piles
in a pile group in a realistic way. The influence of the neighboring piles on an individual pile in the
group will be a function of soil and pile properties, pile spacing, and the level of loading. These
parameters are employed togther in the SW model analysis to reflect the soil-pile interaction on the

pile group behavior.

The chapter presented will illustrate the links between the single pile and the pile group analysis.
The current procedure, commonly used, employs the p-y multiplier technique (Brown and Reese
1988). Such procedure is based on reducing the stiffness of the traditional (Matlock-Reese) p-y
curve by using a multiplier (f < 1), as seen in Fig. 3.1. The value of the p-y curve multiplier should
be assumed by the designer and is based on the data collected from the full-scale field tests on pile
groups which are very few (Brown and Reese 1988). Consequently, a full-scale field test (which
is costly) is strongly recommended in order to determine the value of the multiplier (£) of the soil
profile at that site. Moreover, the suggested value of the multiplier (f) will be constant in the same
soil and under any level of loading. As seen in Fig. 3.2, the interference among the piles in the

group varies with depth, even in the same uniform soil, and increases with level of loading as the
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wedge grows deeper. Therefore, the use of the multiplier that is both constant with depth and

constant over the full range of load/deflection would seem to involve significant compromise.

3.2 DEFINITIONS AND ASSUMPTIONS IN THE ANALYSIS OF PILE GROUPS
In expanding the strain wedge model to account for pile groups, a number of simplifying
assumptions were required. Before identifying the assumptions used in developing the model, the

following lists some definition of terms is provided below:

o  The lead row of piles is defined as the row of piles perpendicular to the direction of
loading and that row closest to the developing passive wedge in front of the pile group
as shown on Fig. 3.3.

o A trailing row of piles is defined as a row of piles perpendicular to the direction of
loading having a row of piles in front of it (Fig. 3.3).

. An interior pile is defined as a pile that has piles on both of its sides (Fig. 3.3).

e Anexterior pile is defined as a pile that has a pile on only one of its sides (Fig. 3.3).

e A lateral pile is defined as a pile that exists to the side of a pile under consideration,
perpendicular to the direction of loading.

* A leading pile is defined as a pile that exists in front of the pile under consideration,

parallel to the direction of loading.

The following identifies the assumptions employed in the model analysis of pile groups.

e« The pile group to be analyzed would consist of either a square or rectangular
arrangement of piles.

e A pile in the group is not affected by the response of piles trailing it.

e Apile in the group is affected by the response of a leading pile directly in front of it, and
in front and one to the side.

»  An interior pile is affected by the two lateral piles on either sides.

e An exterior pile is affected by the first lateral pile to one of its sides.

. All trailing rows of piles will exhibit the same response.

. All piles within a group are connected at their tops by a common rigid cap structure that
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provides either a free- or a fixed-pile head condition.

3.3 METHOD OF ANALYSIS

As seen in Fig. 3.4, the piles in the group interfere with adjacent piles horizontally of varying
amount with depth. The multi-sublayer technique presented in Chapter 2 allows the SW model to
determine the overlap of the neighboring piles in different sublayers over the depth of the
interference. This provides a great deal of flexibility in the calculation of the growth stress (i.e.
strain) in the overlap zones which increase with growth of the passive wedges of soil. The main
objective in the calculation of the area of overlap among the piles is to determine the increase in soil
strain in the passive wedge of the pile in question. Thereafter, the changes in the soil Young’s
modulus and the moulus of subgrade reaction in each sublayer will be assessed. Once the profile
of the modulus of subgrade reaction along the individual pile is predicted, the pile will be analyzed
as an equivalent single pile. The procedure of analyzing the piles in the group will be performed

as presented in the next section.

3.3.1 Determination of Average Soil Strain in the Passive Wedge Due to Pile Interference

A value of soil strain (€) (i.e. a load level) in the passive wedge is assumed for a given soil profile.
The response of a single pile (similar to the piles in the group) in the same soil profile will be
* determined at this value of soil strain. As a result, the shape and the dimensions of the developed
passive wedge will be assessed (CD, b, .¢,,, and B), as seen in Fig. 2.1 and presented in Chapter
2 This will include the values of stress level in each soil sublayer i (SL,), Young’s modulus (E;), and
modulus of subgrade reaction, (E)),. The associated values of pile-head deflection, pile head load,
and maximum bending moment will be (Y,),, (Po),, and (M),. t represents the increment (i.e. level)
of loading which affects the reduction in the modulus of subgrade reaction of an individual pile in

the pile group.

Considering a group of single piles under the same previous conditions (SL;, CD, h, .¢,, and B,),
the passive wedge of soil in front of the piles will interact and overlap the neighboring ones, as seen
in Fig. 3.4a. Therefore, overlap zones of stress will exhibit larger values of soil strains and stresses.

The increase in soil strain in the passive wedge depends on the number of the interfered passive
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wedges over the same area as shown in Fig.3.4a. Such interference also depends on the location of

the pile in the group (i.. the pile type).

The average value of strain accumulated in a particular soil sublayer (i) in the passive wedge of an

individual pile will be calculated, (g,,.);.
(8¢vz)i = 8'. * AE:i (31)

where At is the growth in soil strain in that soil sublayer due to the overlap of adjacent pile wedges.
£,.. Will be assessed for each soil sublayer in each passive wedge of pile type P1 - P4 in order to

determine the average value of soil strains.

3.3.2 Evaluation of the Average Young’s Modulus in the Passive Wedge of a Pile in a Group,
E

Based on the information discussed in Chapter 2, the value of Young’s modulus, (E,,.);, of the soil

ave

in each sublayer i is expressed as

SL; (Ao, ),
(Epe)y = ——— 3.2
( save )i ( )

where stress level (SL,) is determined based on Eqns. 2.12 and 2.13 in Chapter 2.

The relationship between the corresponding stress level (SL) in sand and the associated mobilized

effective stress friction angle (¢,,) in a sand sublayer i is

Ao tan?(45 + -1
(SL ).=((—ﬁ] = il (©n)) (3.3)

tan2(45 + (p‘.) -1
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where (Ao,)

respectively, both at the same (cuﬁent)effective confining pressure. The stress level calculated in

and Ao, are the horizontal average stress change and the deviatoric stress at failure,

ave

Eqn. 3.3 reflects the stresses in the soil around the pile in question due to the pile head load and the

stresses from the neighboring piles

It should be noted the Young’s modulus (E,,.) calculated by Eqn. 3.2 resuits from the original strain
in the passive wedge as a single pile, and the additional soil strain which develops in the overlap
zones between the pile in question and the neighboring piles. Based on the amount of interference
among the piles in the group, the value of E,,, should be less or equal to the associated one of the

single pile.

3.3.3 Characterization of the Soil Passive Wedge of a Pile in a Group
As presented in Chapter 2, equations relating to the shape of the effective stress wedge are applied

within each soil sublayer i and can be written as follows:

©,), =45 - (6.), (3.4)
d 2

(Ba), =45 + e 3.5)
i 2

(E—C_J-), =D + (h - X)) 2(tan[3m)i (tan(pm)‘ (3.6)

where h symbolizes the entire depth of the compound passive wedge in front of the pile, and x;
represents the depth from the top of the pile or compound passive wedge to the middle of the
sublayer under consideration. The equations above are applied at the middle of each sublayer, and
characterize the new geometry of the passive wedge of an individual pile in a group including the
effect of neighboring piles (i.e. €,,,, SL,,. , and ¢_). As described by Eqn. 3.3, @, is a function of

SL,,.. Therefore, all the parameters listed in the above equations are influenced by SL,..
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3.3.4 Evaluation of the Modulus of Subgrade Reaction of a Pile in a Group, (E/),,.

Compared to the case of the single pile, the developing passive wedge of a pile in a group will be
larger or equal to that one of the single pile (depending on the amount of pile interference).
However, the criteria which governs the development of flow around failure, and variation of the
soil-pile reaction (p;) in the single pile analysis will continue be employed with the pile group

analysis (see Chapter 2), i.e.

(E)); = b 3.7
Vi

Corresponding to a horizontal slice of a soil sublayer in the passive wedge at depth x (see Fig. 2.1),

p; = [(Aoy,,] BC, S, + 27, D S, (3.8)

i

where S, and S, equal to 0.75 and 0.5, respectively, for a circular pile cross section, and equal to 1.0

for a square pile (Briaud et al. 1984).

It should be expected that the resulting modulus of subgrade reaction of a pile in a group (EJ),,, will
equal to or softer than the E, of the single pile. The value of E, will vary with the level of loading
and the growth of the soil stress in the developing passive wedge. Thus, there is no constant

variation or specific pattern for changes in (E)),,.-

As seen in Fig. 3.5, the modulus of subgrade reaction of a pile in a group should reflect the mutual
resistance between the soil and the pile. However, a portion of the pile deformation, (Ay);, results
from the additional stresses in the soil (i.e. strains, Ag) which result from the effect of the
neighboring piles. Therefore, under a particular lateral load the pile in the group will yield
deflections more than these of the single pile. The additional deflection at any pile segment, (Ay),
due to Ae; does not contribute any additional resistance for the pile in question (Fig. 3.5). According
to the procedure presented, the modulus of subgrade reaction in a sublayer will be a function of the
level of loading. Compared to the p-y curve of a single pile, the resulting p-y curve for a pile in a

group (at depth x) will exhibit an increasing reduction factor (f < 1) with growing level of loading
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(Fig. 3.5).

Having the reduced values of E, along the individual piles in the group, the piles in the group will
be analyzed as equivalent single piles (Beam on Elastic Foundation). The pile head load and

deflection of the piles in the group can be predicted and compared to the single pile response.

34 CASE STUDY

The following information provides an evaluation of the strain wedge model program for laterally
loaded pile groups by comparing the results obtained from the program to measured results observed
during lateral load tests on pile groups. When available, site-specific foundation conditions were
used to develop the necessary input parameters for use in the program. Otherwise, material

properties were assumed based on available laboratory test data and/or material descriptions.

3.4.1 University of Houston, Texas Full-Scale Load Test on a Pile Group in Sand

As documented by Morrison et al (1986), a full-scale lateral load test on a 3 x 3 pile group in sand
overlying an overconsolidated clay was conducted at the University of Houston, Texas. The results
obtained from this load test were used by Morrison et al (1986) to develop an approach to predict
the response of laterally loaded pile groups in sand. The method proposed by Morrison et al (1986)
is based on the same method proposed by Brown et al (1985).

. Pile Group Configuration and Material Properties

The pile group configuration tested and analyzed by Morrison et al (1986) consisted of a 3 x 3 pile
group embedded in approximately 10 feet of a dense to very dense uniform sand overlying an
overconsolidated clay (Fig. 3.6). The piles had been previously installed in 1979 for the purposes
of an axial load test on a pile group as described by O'Neill et al (1982), and were then subsequently
tested under lateral loading conditions as described by Brown et al (1985). The piles consisted of
steel pipe, with an outside diameter of 10.75 inches and a wall thickness of 0.365 inches. As
documented by O'Neill et al (1982), the piles exhibited an approximate stiffness, EI, of 6.64 x 10°
pounds-inch®. The piles were driven closed-ended, at a pile spacing of three pile diameters, to an

approximate depth of 43 feet below existing grade (approximately 40 feet below finished grade).
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To facilitate installation, the piles were driven into an 8-inch-diameter pilot shaft that had been
advanced to a depth of approxirhately 10 feet below the existing ground surface. Minimal lateral
drift of the piles was observed subsequent to installation. Prior to the beginning of Morrison's test
and subsequent to Brown's test, the existing clay foundation soils around the pile group were
overexcavated to a depth approximately 10 feet below the existing ground surface and backfilled
with a uniform sand. The sand was flooded in an attempt to saturate the resulting subsurface sand
soils at the site. A single isolated steel pipe pile, with the same material properties as the piles in
the group, was also installed at the site to allow the comparison of single pile response to pile group
response. The area of the isolated pile was also overexcavated and backfilled to match the

subsurface conditions of the pile group.

. Foundation Material Characterization

Since the subsurface conditions at this site have been defined in the section above, only the sand
backfill placed after overexcavation at this site will be characterized in this section. Medium-graded
clean sand (SP) was placed in thin lifts and hand compacted to a relative density of approximately
50 percent. The coefficient of uniformity, C,, of the sand ranged from 1.70 to 1.96, with an assumed
average value of 1.83. A grain size distribution curve representative of the sand used by Morrison

et al (1986) is shown on Figure 3.7.

The sand exhibited an average dry unit weight of approximately 98.5 pcf and an average moisture
content of approximately 2.5 percent from the base of the excavated pit to a depth of approximately
5 feet. From 5 feet to a depth of approximately 10 feet, the sand exhibited a dry unit weight of
approximately 94.7 pcf and an average moisture content of approximately 7 percent. Knowing that
the sand was inundated with water prior to testing but not knowing if submerged soil conditions
existed, an effective unit weight of 110 pcf was used for the first cycle of loading when analyzed

by the strain wedge model as described below.

Using this information and assuming that the sand exhibited a specific gravity of 2.65, a void ratio
of 0.68 was initially assigned to the sand within the upper 5 feet of the sand layer, while a void ratio

of 0.75 was initially assigned to the sand in the lower 5 feet of the sand layer. Using these void ratio
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values and an average coefficient of uniformity of 1.83, €, values of 0.004 and 0.0045 as proposed
by Norris (1986) were initially -éssigned to the sand in the upper five feet and lower five feet,
respectively, of the sand layer (See Fig 2.12).

The sand exhibits an angle of internal friction that ranges from a value of 34 degrees near the surface
to a value of 45 degrees near the bottom of the sand layer (Fig. 3.8). In addition O'Neill (1986)
reported that the total unit weight of 120 pcf was appropriate for the sand layer after the first cyclic
load had been applied to the group. Knowing the increase in the angle of internal friction and that
densification of the sand resulted subsequent to the first load cycle to the pile group, an &, value of

0.0035 was assumed to be representative of the sand after the first cycle of loading.

J Testing Program and Test Results

As reported by Morrison et al (1986), the steel pipe piles were instrumented with strain gauges in
order to record pile bending moments and pile stresses with depth, and to develop p-y curves for the
piles. The loading frame used by Brown et al (1985), with moment-free connections to each pile,
was used to allow for well controlled pile head conditions. Cyclic, two-directional loads were
applied to the pile group using a constant deflection during loading. A total of 200 cycles for 6
different deflections were applied to the pile group in north-south directions. For the study, loading
to the north was assumed to be in compression, while loading to the south was assumed to be in
tension. Results were recorded using a data acquisition system. The same loading applied to the

pile group was also applied to the single isolated pile.

] Comparison of Results of Load Test with Results Predicted by the Strain Wedge
Model

The strain wedge model was run using the pile and soil input properties outlined above. In general,

the strain wedge model provided a very good prediction of pile group response for the case

analyzed. The following summarizes the results of the strain wedge model as compared to the

results obtained from the full-scale pile group load test described above.

Before a comparison between pile group response can be made in this case, it is again important that
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the strain wedge model accurately predicts the response of an isolated pile embedded in the same
soil profile. Fortunately, the load test conducted by Morrison et al (1986) included the testing of an
isolated pile as shown in Fig.3.9. The results of the strain wedge model associated with the isolated
pile have also been shown on this figure. As can be seen from the results presented, the strain
wedge model accurately predicts the response of the single pile in good agreement with the observed

values (before cyclic motion of the piles, which densified the sand).

Knowing that the strain wedge model accurately predicts the response of an isolated pile embedded
in the same soil profile, an accurate prediction of pile group response should be expected. Figure
3.9 also shows the average load per pile within the group for the applied levels of deflection. The
results of the strain wedge model associated with the average load per pile within the group have

also been shown on this figure.

Morrison et al (1986) also measured the maximum pile moment for the isolated pile and for piles
within the group during the load test. The results presented in Fig. 3.10 indicate that for a given
level of average pile head load, the maximum moment for an isolated pile will be less than that
measured in the pile group as described previously. All the maximum moments predicted by the
strain wedge model for given average pile head loads fall within the range of maximum moments

within the group as measured by Morrison et al.

3.5 SUMMARY

As presented in this chapter, the strain wedge model has the capability to assess the response of
laterally loaded pile group. The strain wedge model characterizes the interaction among the piles
in the group based on three-dimensional analysis to calculate the associated modulus of subgrade
reaction for each pile in the group. Thereafter, each individual pile in the group is analyzed as a
Beam on Elastic Foundation. This procedure allows the calculation of the amount of interference
among the piles in the group according to soil and pile properties, and the level of loading. No

reduction factor or a multiplier are needed to be assumed in this procedure.
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CHAPTER 4

LIQUEFACTION AND UNDRAINED RESPONSE EVALUATION
OF SANDS FROM DRAINED FORMULATION

4.1 INTRODUCTION

Several studies have been conducted to provide a better understanding of the undrained behavior of
saturated sand under different types of loading. Some of the pioneering work in this field has been
performed by Seed and Lee (1967) Castro (1969), Ishihara et al. (1975), Casagrande (1976), Castro
and Poulos (1977), Poulos (1981) and Castro et al. (1982). In addition, several recent studies
(Mohamad and Dobry 1986, Guzman et al. 1988, Vaid et al. 1989 and Ishihara 1993) have made
significant contributions to the understanding of the undrained behavior of saturated sands. The
main interest in these studies is to relate the undrained strength of sand to its initial state in order to
allow the designer to predict the potential for a saturated sand to liquefy. In other words, most of
the investigations focused on the influence of the consolidation pressure and the associated void
ratio of the sand on the undrained behavior of the saturated sand under monotonic and cyclic

loading.

The undrained behavior of isotropically consolidated saturated sand under monotonic loading is
accompanied by a change in the excess porewater pressure which, in turn, leads to different forms
of undrained behavior. Unfortunately, no prior study provides a clear picture of mobilized
undrained behavior and the associated effective stress path under undrained monotonic loading. The
available studies indicate the potential for sand to liquefy and characterize it as liquefiable or
nonliquefiable material. Thé only way to assess the mobilized undrained behavior of a saturated
sand (its stress-strain and stress path) under monotonic loading is via laboratory testing.
Consolidating the saturated sand to different values of confining pressure or void ratio, a series of
isotopically consolidated undrained (ICU) tests allow one to assess the variation in the peak

undrained resistance, the residual stress of the saturated sand and the associated levels of strain.
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.Recently, it has been shown that the undrained response of sand can be assessed from its drained

laboratory response (Norris et al. 1997). This study deals specifically with the formulation of
drained behavior as a function of state conditions and sand properties, thus reducing the need for
laboratory testing. Therefore, the current study provides a general approach to assess the mobilized
undrained behavior of saturated sand under monotonic loading whether the sand is loose, medium
dense, or dense. Moreover, the present study allows one to characterize the undrained response of
the saturated sand, whether the sand is contractive and/or dilative, to define the potential of the sand

to liquefy, and the type of the expected liquefaction (complete or limited liquefaction) as seen in Fig.

4.1.

The approach presented here assesses the undrained behavior of saturated sand under monotonic
loading and is based on the most basic properties of the sand such as its void ratio, e, or the relative
density, Dr,, at the end of consolidation to pressure, 0,,, the roundness of sand grains, p, the
uniformity coefficient, C,, the effective angle of the internal friction, ¢, and the drained axial strain
at 50 percent stress level, €5, This work was developed to deal with most types of sand under
different levels of confining pressure. The validity of the work presented and the equations
formulated are verified by several comparisons with observed results employing Nevada, lone,

Ottawa, Banding, and Fraser sands. The simplicity of this approach makes it an attractive general

" method to characterize the undrained behavior of sands in a preliminary analysis with no need to

run extensive experimental tests.

42 METHOD OF ANALYSIS

The technique developed by Norris et al. (1997) employs a series of drained tests, with volume
change measurements, on samples isotropically consolidated to the same confining pressure, G,
and void ratio, e_, to which the undrained test is to be subjected. However, the drained tests are

rebounded to different lower values of effective confining pressure, 0, before being sheared.

During an isotopically consolidated undrained (ICU) test, the application of a deviatoric stress, g,
causes the porewater pressure, Au,, to build up which results in a reduced effective confining

pressure, 0, i.€.
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- Au, | (4.1)

3

and an associated isotropic expansive volumetric strain, €, ;, the same as recorded in an
isotropically rebounded drained triaxial test. However, in the undrained test, the volumetric change
or volumetric strain must be zero. Therefore, there must be a compressive volumetric strain
component, &, ..., due to the deviatoric stress, 6,. This shear induced volumetric strain, €, ., must

be equal and opposite to €, i,

sv,shear - _sv,iso (42)

so that the total volumetric strain, €, = ¢, ;, + € in undrained response is zero. In the

v, iso v, shear?

isotropically rebounded drained shear test, €, ;, and then ¢, ., (to match ¢, ;) are obtained

v, shear v, iso.

separately and sequentially; in the undrained test, they occur simultaneously.

During drained isotropic expansion, the resulting axial strain, €,, is

1
1,iso - 2,is0 - 3,is0 _3_ 8v,i.m (43)

Based on Hooke’s Law and effective stress concepts (Norris et al. 1998), the undrained axial strain
due to shear (o,) and effective stress (0,) changes can be related to the drained or effective stress

strains as

(€:) = (&), B, = (1) * B
undrained o, Ao, drained »Iso

Sv, iso (44)

1
(81 )drained _3—
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Therefore, with isotropically consolidated-rebounded drained triaxial tests available for different 0,

one can assume a value of 0,, find € (Fig. 4.2b), enter the € -¢, drained shear curves (Fig. 4.2a)

v, iso

ate equal to &, .., and find the drained €, and o, on the same confining presure (05) €,-¢, and

v,shear v, is0?

g,-04 curves. Then (€,),,4uineq 1S €stablished according to Eqn. 4.4 and one point on the undrained
0,-€, curve can be plotted. The corresponding effective stress path (p = 0, + g, /2 versus q =g, /2)
can also plotted as shown in Fig. 4.2c. This technique is illustrated in detail by Norris et al. (1995
and 1997).

The technique presented above requires a series of isotropically consolidated drained (ICD) tests be
performed to allow one to assess the undrained stress-strain curve of a saturated sand consolidated
to a certain confining pressure, 0, at a particular value of void ratio, e, or relative density, Dr,.
This, in turn, requires a certain level of experience, effort, time and cost. The study presented here
establishes a group of applicable equations based on the basic properties of sand in order to yield

the following relationships:

» The stress-strain and volume change curves of the isotropically consolidated, drained, triaxial
test at different values of confining pressure.

» The isotropically consolidated, rebounded, volume change curve.

 The stress-strain and volume change curves of the isotropically consolidated, rebounded, drained

test at different overconsolidation ratios (OCR = 05/ G5).

These drained relationships can then be used to predict the undrained response of saturated sand as

described above.

4.3 DRAINED BEHAVIOR FORMULATION OF ISOTROPICALLY CONSOLIDATED
SAND UNDER DEVIATORIC STRESSES

4.3.1 Drained Stress-Strain (0,-¢,) Relationship
The stress-strain relationship presented here is employed to assess the drained stress-strain curve of

the isotropically consolidated sand under shear loading (confining pressure, 0, held constant). This

39



_ stress-strain relationship was originally established by Norris (1986) and then modified by Ashour
etal. (1998). The ratio of deviator stress, 0, at axial strain, €, to the failing stress, 0, is the stress

level, SL, which is given as

o, Ag
SL = — = —— exp(-3.707SL) 4.5)
Oy €50
where &, is the value of €, at SL = 0.5, and 3.707 and A represent the fitting parameters of the
relationship. A is equal to 3.19 at €, < &, and then varies linearly with the stress level between 3.19
at g, = g, and 2.14 at €, = g, If the stress level is greater than 80 percent the stress-strain

relationship is given as

(4.6)

100¢,
SL = 0.2 €xXp -(-m
i

where m=59.0 and q=95.4 ¢, are the fitting parameters.

At constant confining pressure, the drained strength, o, of a sand is a function of both o, and the

frictional angle, @. Accordingly,

tan? (45 + 9) - 1} (4.7)

During the undrained test, 0, will vary with the changing porewater pressure but the stress level, SL,
at the current 0, and shear induced axial strain, €,, is given by Eqn. 4.5. Note that €, in Eqn. 4.5

1S (€)ymines O Eqn. 4.4.

The drained axial strain at 50 percent stress level, €, is given as
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“) 02
(o)
(850)03c = (850425 ('4—2%) (4.8)

where o, represents the applied consolidation pressure in kPa, and (&), s denotes the drained axial
strain at 50 percent stress level under a confining pressure of 42.5 kPa. (gs)4, 5 is given by Norris
(1986) based on correlation with the sand’s uniformity coefficient, C,, and the void ratio, e, (or Dr),

at the applied consolidation pressure.

Given that a simple shear response for an initial isotropic stress state (6., = 6,,, K, = 1) can be
viewed as an expanding Mohr circle about the point o, then Eqn. 4.5 can be used to evaluate the
modulus reduction relationship, G/G,, to compare with the long accepted variations (e.g. Seed and
Idriss, 1970) as shown for example in Fig. 4.3. Such good agreement gives the proposed
formulation added credibility. As shown in Appendix II, the position of the modulus reduction

curve will shift with &, which, as judged from Eqn. 4.8, varies with the confining pressure, g;..

4.3.2 Volume Change in Drained Response Due to Shear Stress (¢, (,.,.-€, Relationship)

The prediction of the volume change of sand through the volumetric strain, €, .,, due to shear
loading is based upon basic information such as 6 Dr, €, and p. The roundness, p, of the sand
is determined using a comparator chart e.g. Powers (1953). See Table 4.1 for numerical values for
descriptive adjectives, “angular”, etc. A number of drained tests performed on different sands
(Table 4.2) are used to formulate a series of empirical equations which describe the drained behavior

of isotropically consolidated sands.

As seen in Fig. 4.4, the main features that control the shape of the €, .,-¢, relationship are the

-¢, curve at points A, B, and C. The initial slope of the €,

v, shear

coordinates and the slopes of the €
a1 CUTVE at point A is S, which is equal to de, ., /de, where ¢, and €, ., are equal to zero. The
coordinates of peak volumetric strain at point B are (g,) and (g, g,...)s Where (g, g.,)s T€presents

(& shear)max- 1he slope of the € -g, curve at point B is Sy and is equal to zero. Finally, at failure,

v, shear

the slope and the coordinates at point C on the €, .-€, curve are expressed by S;and (g, €, year)cs
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respectively. At point C, S; is equal to (de, 4../de,). Beyond point C, the €, g.,~€, curve extends

linearly at a constant slope equaﬂ to S,

In order to plot the €, ...~€; curve, a fifth order binomial equation is established based on the slopes
and the coordinates at the three major points on the €, .,-€, curve (A, B, and C). The slopes and

coordinates at the points A, B and C represent the boundary conditions of Eqn. 4.9.

=a + be, +ce? +de’ +ee +fef 4.9)

8v,.shear

Terms a through f are the constants needed to satisfy these boundary conditions. €, and €, ...
symbolize the axial strain and the associated volumetric strain due to deviatoric stress of any point

on the € g, curve, respectively. The derivation of Eqn. 4.9 is presented in Appendix II.

v, shear™
The slopes and coordinates at points A, B and C on the ¢, 4 ,~€, curve at ¢, are obtained using
Eqns. 4.10 through 4.15. These equations are empirically developed based on data of isotropically
consolidated drained tests on 7 different sands from different environments and obtained by different
investigators (Table 4.2). It should be mentioned here that the volume change behavior of any sand
is influenced by the method of sample preparation (Ishihara 1993, and Been and Jefferies 1985).
The drained tests were performed on loose, medium, and dense sands prepared by different methods.
Therefore, the following formulation represents an average for different sample preparation
techniques. The sands were isotropically consolidated to different confining pressures (0,,).

» From Fig. 4.5a, the initial slope, (S,),;., at point A on the € €, curve is given as

v, shear”

1
(S )o = A =
oy, = ) (4.10)

Note that Dr, in this and the following equations is a decimal value. As noticed in the data recorded
by Dakoulas and Yuanhui (1992), Negussey and Vaid (1990), and Been and Jefferies (1985), the

variation of the consolidation pressure has no significant effect on the slope S,.
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The maximum value of the volumetric strain due to applied deviatoric stress, (€, gear)max 1S
located at point B and is equai 10 (€, gear)s- According to the experimental results shown in Fig.

4.5b, (¢ at 0, is obtained as

v, shear/B

2

E:50

=2A, =2

AEE—— 4.11
ax,O;C 2 exp (Drc) . ( )

( 8v, shear )8,03‘_ = (sv,shear )m

3¢

From Fig. 4.5c, the axial strain (g,); which is associated with (€, g ar)max 15 g1Ven as

_ 6A _ 6 (svr-"he"’)max,ok - 4 12)
(81)3'%: IR exp(pDr,) : *

Similar to point B, the slope and coordinates at point C on the €, ,-€, curve can be evaluated
based on the data presented in Fig. 4.5. The value of the volumetric strain at point C is assessed

using the data plotted in Fig. 4.5d and is obtained as

1+ (S, ] (4.13)

The value of the axial strain at point C (Fig. 4.5€) is related to (€, gcar)mex» and @, and is given by

(81 )C,Uk = 6)\.5 =6 (S""he“’)max,ah exp(tanz(p) (414)

Fig. 4.5f indicates the variation of the slope S; at point C which is expressed as

(5))g, = ~hg = -p*° Dr, tan’@ @4.15)

Based on the experimental data of the isotropically consolidated drained tests presented in Fig.
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4.6, the isotropic volumetric strain, (¢,)., to pressure 0, is given as

(Sv)c =X =g exp[Drc (1 +p)] (4.16)

4.4 FORMULATION OF DRAINED REBOUNDED BEHAVIOR

4.4.1 The Isotropic Rebounded Volume Change of Saturated Sand (o, - €, ;,, Relationship)
Fig. 4.7 presents the observed isotropically consolidated-rebounded behavior of Nevada, Ione
(Norris et al. 1997) and Ottawa sands (Dakoulas and Yuanhui 1992) for different values of the
consolidation pressure, o,, (400, 800 and 300 kPa), and overconsolidation ratio (OCR). The
observed data of the sands considered are employed to assess an empirical relationship that
expresses the rebounded behavior of the sand under decreasing values of the confining pressure (Fig.

4.7). The isotropic rebounded volumetric strain of the saturated sand (g, ;) is given as

(e,).
OCR?™

sv,i.m = (8v)c B (417)

po! o
— exp(0.5pDr,) , and OCR = (4.18)

where n-=

4.4.2 Drained Behavior of Isotropically Consolidated-Rebounded Saturated Sand

Two series of isotropically consolidated rebounded drained tests (Norris et al. 1997) performed on
two different sands (Nevada and Ione sand) are employed to develop empirical equations in order
to describe the drained behavior of isotropically rebounded sand under different values of the
overconsolidation ratio (OCR). The drained behavior of consolidated-rebounded sand during shear
loading is expressed by the stress-axial strain-volumetric strain relationship due to shear, o,-¢,-¢,,
e The following equations provide the terms of the boundary conditions which are required to

plot the €,-€, g, relationship at OCR greater than 1. These equations are a function of sand

properties and the 0,-€,-€, ., relationship at OCR equal to 1 as discussed in the previous section.
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In order to assess the drained stress-strain relationship of the rebounded sand under a reduced
confining pressure, 0, the axial strain at SL of 50 percent is given as
— (850 )034'

(Eso ), = s p®#* (4.19)

where &5, at 0, (i.e. OCR =1) is given by Eqn. 4.8. Using (850)33 in Eqns. 4.5 through 4.7, the
drained stress-strain curve of a sand at a rebounded confining pressure, 6, (OCR > 1), can be

evaluated.

The empirically calculated slopes and coordinates at points A, B, and C on the ¢,-¢, ... curve of the
isotropically consolidated-rebounded drained test at 0, (OCR > 1) are used in the determination of
constants a through f in Eqn. 4.9 as follows,

» The initial slope at point A

(So,, | Cosmeardmess, |
(SA - A70;, ,sh X, 0y (420)
% OCR 03 (Sv,shear )max,osc
¢ The volumetric strain due to shear at point B
(8\’ S, ear)
I 4.21)
e, 03 OCR*
0.8 Drp
p =P exp 4.22
OCR ( )
e The axial strain at point B
- (ev,shear)max,.(; °?
(81 )B - = (g )B,03c _ (4.23)
e ( v,:hear)max,03c
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* Volumetric and axial strains, and the slope at point C

_ (sv,shear)C,Gac
(8v, shear )C,ES - ( sv, shear )max,.(;3 ( e (424)

v,shear )max, G,

0.25
(g, )3,33

(€)s,0,,

&)z, = (B)c, (4.25)

An interesting phenomenon reported by Norris et al. (1997) is that all drained rebounded (i.e.

overconsolidated) volume change curves exhibit the same slopes, S;, as that at 6, (OCR=1).

(Sf)E3 = (Sf o, (4.26)

This approach is more accurate if the value of &, at consolidation pressure, 0, , is determined from
testing rather than reliance on Eqn. 4.8. This, in turn, affects the determination of the undrained

response from the drained behavior.

Based on the approach presented, the drained behavior of consolidated and overconsolidated sands
can be assessed. Figures 4.8 and 4.9 exhibit a comparison between observed and predicted behavior
for Nevada and Ione sand. The assessed stress-strain relationship and volume change curves show
good agreement with the experimental results performed by Norris et al. (1997). In addition, the
predicted and observed isotropically consolidated and then rebounded volume change response for

different sands exhibit a good match as shown in Fig. 4.7.

4.5 LIMITATION FOR DILATIVE BEHAVIOR
The undrained strength of saturated sand under monotonic loading in its dilative mode is limited,
in this paper, to its drained strength because negative porewater pressure (i.e. a drained Poisson’s

ratio, v, > 0.5) is not considered in this study (see Fig. 4.10a). Once the excess porewater pressure
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during the dilative response becomes equal to zero, the effective confining pressure will be equal
to the consolidation confining préssure (05.), and the undrained response of the sand will be limited
by its drained behavior as indicated in Fig. 4.10b. Therefore, the approach presented exhibits a
conservative interpretation under monotonic loading when dense sand generates negative excess
porewater pressure. The incorporation of negative excess porewater pressure in dense sands using

the approach presented is under investigation and will be considered in a separate paper.

4.6 VERIFICATION OF THE PROPOSED APPROACH

The approach developed has been verified through various comparisons to experimental results of
different types of sands. Some of these comparisons are presented in this paper, and the properties
of these sands are presented in Table 2. The comparison study covers the density of sand from very
loose to dense sand under different values of the confining pressure. Most of the undrained stress-
strain responses and stress paths assessed, using a computer program, exhibit good agreement with
the observed results as seen in the accompanying figures. The approach developed has been verified
through various comparisons to experimental results of different types of sands. These comparisons
cover the density of sand from very loose to dense sand under different values of the confining
pressure. It should be noted that the laboratory tests were run using different techniques of
sampling, loading, and data acquisition. Moreover, the testing procedures of some of these tests
went through some difficulties which, in turn, affected the accuracy of the published results. The
tested samples of sands were prepared with initial void ratios that, usually, do not match the initial
void ratios in the field due to the natural sedimentation and then consolidation. Therefore, the
isotropic volumetric change measured in the lab may not match the field isotropic volumetric change
under the same confining pressure. As a result, the initial void ratio of the tested sample of sand

governs the initial structure of the sand sample and the recorded results.

4.6.1 Nevada Sand

As mentioned by Norris et al. (1995, 1997), samples for test series 1 on Nevada sand were prepared
using a pouring tube filled with dry sand resting on the sample base inside a vacuum forming mold.
The tube with a mesh at its bottom was raised at a constant rate leaving behind a loose structure of

the sand. The samples were 71 mm in diameter by 152 mm high. This method of sampling is
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similar to the dry deposition sample preparation technique. The sample was saturated at a back
pressure of 100 kPa and then consolidated to an effective confining pressure of 400 kPa. The
average relative density at the end of the consolidation was 15.2% and the effective angle of internal
friction was 32 degrees. The value of €, at the consolidation pressure 0, was equal to 0.94%.

However, €, can be estimated by using Figure 4.11 and Eqn. 4.12.

Figures 4.11a and 4.11b exhibit a comparison between the undrained behavior of Nevada sand
monitored in the lab (Norris et al. 1995, 1997) and the predicted undrained behavior using the stress-
strain-volume change characterization technique presented here. The technique developed provides
an undrained stress-strain relationship in excellent agreement with the measured values over a long
range of axial strain, as seen in Figure 4.11b. Nevada sand shows a limited liquefaction response
associated with a residual strength (phase transformation) of approximately 100 kPa at values of
axial strain range between 4 to 6 percent. The residual strength is followed by a substantial growth
in the strength.

By comparison, the assessed effective stress path presented in Figure 4.11a provides a very good
prediction for the undrained strength of Nevada sand during the contractive and dilative behavior

of the sand.

4.6.2 Ione Sand

Ione sand was used by Norris et al. (1995, 1997) to study its undrained behavior and its potential to
liquefy. The samples employed were prepared using sand wetted to 0.05% moisture, drawn through
a pouring tube with a mesh at its bottom. The prepared sample was 71 mm in diameter and 152 mm
high. The sample was saturated under a back pressure of 100 kPa. The sample volume was
carefully measured after sample formation (at 50 kPa) and its volumetric change was recorded
during the isotropic consolidation from 50 to 800 kPa. The void ratio and the relative density were
assessed at the end of the consolidation (o, = 800 kPa). The average relative density at the end of
the consolidation was approximately 32% and the effective angle of internal friction was 28 degrees.
The value of e, under the consolidation pressure o,, was equal to 1.55%. However, €, can be

estimated by using Figure 4.8 and Eqn. 4.11.
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. Figures 4.12a and 4.12b exhibit a comparison between the observed and the predicted undrained

stress-strain behavior of Ione sand. Based on the properties of Ione sand mentioned above and listed
in Table 4.2, the established approach efficiently assesses the constitutive relationship of Ione sand.
The mobilized undrained response of Ione sand which is plotted in Figure 4.12b shows good
agreement with the recorded values at the low and high levels of sand strain. The undrained
behavior of Ione sand yields a limited liquefaction response at the residual strength followed by a

slight increase in the undrained strength of the sand at the higher values of axial strain.

The method presented provides excellent assessment for the effective stress path of Ione sand.
Figure 4.12a exhibits the match between the observed and predicted values of the effective stress
path during the contractive and dilative behavior of Ione sand, and the location of the inflection

point on the stress path.

4.6.3 Ottawa Sand

The test results of the monotonic undrained behavior of Ottawa sand which were recorded by Vaid
et al. (1989) are used to verify the developed approach. The properties of Ottawa sand used by Vaid
et al. (1989) are similar to those of the sand used by Negussey and Vaid (1990). The tested samples
were 63 mm in diameter by 126 mm high and prepared by water pluviation technique. The initial
relative density of all samples after forming at a pressure of 20 kPa was 32.5%. The sand was
monotonically loaded after consolidation to a confining pressure of 196 kPa (2 kg/cm?). The
effective angle of internal friction was taken in the range of 33 to 37 degree based on the value given
by Vaid and Chern (1983), and Dakoulas and Yuanhui (1992), and according to the values of the
associated relative density. The relative densities of the samples at the consolidation pressure range

from 36% to 62.5% as seen in Figure 4.13.

Figure 4.13a shows the undrained stress-strain relationship under monotonic loading and confining
pressure of 2 kg/cm®. The response of Ottawa sand relies on the relative density at the end of
consolidation (Dr,). Samples 1, 2 and 3 experience contractive behavior followed by dilative
behavior. However, the determined drop in sand strength between the peak of the undrained

strength and the residual strength over the three sets of tests ranges between approximately 30% to
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15%. It should be mentioned that the initial relative density of the tested sand has a significant

influence on the undrained beha{rior of the sand.

The recorded behavior of samples 4 and 5 indicate dilative behavior as a result of the high relative
density. The undrained stress-strain relationship assessed for sample set 4 experiences a slight
contractive response before dilative response takes over. The response predicted is still in
reasonable agreement with the observed behavior. Sample 5 exhibits consistent dilative behavior

over both the experimental tests and as predicted by the technique proposed.

The stress paths assessed from the tested samples are presented in Figure 4.13b. The developed
method allows assessment of the effective stress paths of Ottawa sand efficiently. Figure 4.13b
exhibits clearly the mobilized strength of Ottawa sand during the contraction and/or dilatancy stages

of loose, medium dense and dense conditions.

4.6.4 Fraser River Sand

The results presented in Fig. 4.14 were obtained from tests performed on Fraser River sand (Vaid
and Thomas 1995). This sand grain sizes ranging from 0.074 mm to 0.6 mm. Maximum and
Minimum void ratios are 1.00 and 0.68. The sand used has D,;=0.3 mm, C, (uniformity coefficient)
= 1.5, and Dr = 19%. Triaxial specimens used were 63 mm diameter and 126 mm high, and

reconstituted by water pluviation.

The observed and predicted undrained response of Fraser River sand is presented in Fig. 4.14. The
experimental tests were performed by Vaid and Thomas (1995). The data presented describe the
stress-strain relationship and effective stress path of the sand at relative density (Dr,) of 19% under
different values of consolidation pressure (0,, = 1200, 400 and 200 kPa). Figure 4.14 shows

reasonable agreement between predicted and observed response.

4.6.5 Banding Sand
Banding sand was used by Castro (1969) to perform a series of undrained triaxial tests under

monotonic and cyclic loading. The tested specimens were 35 mm diameter and 89 mm high and
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lubricated ends permitted all samples to expand laterally at the end when strained axially during the
test. However, the non-uniformities of strains due to water migration within the sample during the
undrained test caused a variation in the void ratio in the sample. The sand sample showed a
dramatic increase in relative density above the average value (Dr,) at the top and a substantial drop
below the average value of Dr, in the middle portion. This behavior yields complete liquefaction
observed with most of the results presented by Castro (1969) for loose and medium dense Banding

sand.

N

The results of Banding sand presented in Figure 4.15 cover relative densities from 21% (loose sand)
to 64% (medium dense sand), and consolidation pressures from 0.3 kg/cm’ to 4 kg/cm’. The values
of ¢, and the angle of internal friction of each tested sample are measured from the drained stress-

strain curve under the associated consolidation pressure (Castro 1969).

The technique employed provides an assessment for the undrained strength of the Banding sand.
The assessed undrained stress-strain responses exhibit good agreement with the observed results
such as the tests seen in Figures 4.15a, b and c. Generally, the ultimate and residual strength

predicted are in good agreement with the measured values.

In some cases such as in Figures 4.18a and b, the tested samples experience complete liquefaction
while the response predicted exhibits limited liquefaction. Such behavior occurs as a result of the
non-uniform distribution of the excess porewater pressure and void ratio throughout the sample
inducing a low relative density zone at the middle of the sample (Castro 1969). Therefore, some
planes of failure develop in the middle of the sample thus creating complete liquefaction in the lab

that may not occur in the field.

4.7 SUMMARY AND CONCLUSION

This chapter has provided the formulation for assessing the drained and drained rebounded response
(e, - 0, and g, - €, - £,) for sand for use in assessment of its undrained behavior (o, - €, and stress
path). A general approach has been established to assess the undrained stress-strain curve and

effective stress path under monotonic loading from drained triaxial tests. The wide range in diversity
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. of the responses as well as properties of the sands required that the dependence upon important sand
properties and conditions be evaluated. Appropriate formulation of drained and drained rebounded
(i.e. overconsolidated) triaxial test response is developed that, in turn, allows the assessment of
developing liquefaction and the undrained behavior of saturated sands. The formulation presented
is a function of the void ratio, confining pressure and basic properties of sand such as relative
density, uniformity coefficient, and roundness which are typically available to the designer or can
be obtained from visual inspection. The formulation of drained behavior is based upon reported
experimental drained test results that were obtained from different investigators using different
testing techniques. The developed formulas allow one to predict the potential of sand to liquefy, the
type of liquefaction (limited or complete liquefaction) or dilative behavior, the peak and residual
strength values, as well as the whole undrained stress-strain curve and effective stress path. The
developed approach has been validated using several comparisons with published results of
undrained triaxial tests on different sands (Nevada, Ione, Banding, Ottawa and Fraser sand). The
simplicity of this approach makes it an attractive general method (in a computer program) to

characterize the undrained behavior of sands (loose, medium or dense).
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CHAPTER 5

LATERAL LOADED PILE RESPONSE IN LIQUEFIED SOIL

5.1 INTRODUCTION

This chapter provides the methodology to assess the response of an isolated pile in sand under an
applied pile head load/moment combination assuming undrained conditions in the sand. The
degradation in soil strength due to the free-field excess porewater, generated by the earthquake, is
considered along with the near-field excess porewater pressure generated by lateral loading from
the superstructure. Current design procedures assume slight or no resistance for the lateral
movement of the pile in the liquefied soil which is a conservative practice. Alternatively, if
liquefaction is assessed not to occur, some practitioners take no account of the increased free-field
porewater pressure, and none consider the additional near-field porewater pressure due to inertial
interaction loading from the superstructure; a practice that is unsafe in loose sands. The strain
wedge (SW) model, developed to evaluate drained response (a nonlinear three-dimensional model
of a flexible pile in soil), has been extended to incorporate the undrained response of a laterally
loaded pile in sand. The chapter characterizes the reduction in pile response due to a drop in sand

strength and Young’s modulus as a result of developing liquefaction in the sand.

5.2 ANALYSIS PROCEDURE OF LATERALLY LOADED PILE IN SAND UNDER
LIQUEFACTION CONDITIONS
This chapter combines three different techniques to analyze the response of a laterally loaded pile

in saturated sands under undrained conditions and developing liquefaction.

. Evaluation of the excess porewater pressure generated in the free-field (u,, ¢), Fig. 5.1, due
to the earthquake shaking based on Seed’s method (Seed et al. 1983). This excess porewater
pressﬁre reduces the effective stress and, therefore, the corresponding soil resistance for

subsequent undrained load application.
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. Assessment of the excess porewater pressure (u,, ,0in the near-field soil region (adjacent to
the pile, Fig. 5.1) induced by the lateral load from the superstructure. Undrained formulation
for saturated sand presented by Ashour and Norris (1999) is employed to assess the undrained

stress-strain relationship at any level of loading.

. u,, #and u, . calculated using the previous techniques are incorporated with the strain wedge
(SW) model analysis (Ashour et al. 1998) to predict the response of a laterally loaded pile.

The SW model is extended to treat the undrained conditions in sand as presented later.

The assessed value of the free-field excess porewater pressure ratio, r,, induced by the earthquake
is obtained using Seed’s method (Seed et al. 1983). This u, (is calculated conservatively at the end
of earthquake shaking corresponding to the number of equivalent uniform cycles produced over the
full duration of the earthquake. Thereafter, the lateral load (from the superstructure) is applied at the
pile head that generates additional porewater pressure (u, ) in the soil immediately around the pile,
given the degradation in soil strength already caused by u,, ;. Note that u, « is taken to reduce the
vertical effective stress from its pre-earthquake state (0,,), i.e 0, = (1 -r,) 0,,. Thereafter, the
undrained behavior (e.g. relative superstructure excitation) due to an inertial induced lateral load is
assessed using undrained stress-strain formulation in the SW model. Thus, the procedure accounts
for both of u,, and u . It should be noted that these procedures incorporate the whole undrained

stress-strain curve (at any level of loading) not only the residual strength of the sand (Fig. 5.2).

While this scenario takes the equivalent load from the superstructure (P,) to occur at the largest value
of u,, & the designer may wish to evaluate the effect of this load at an earlier time during shaking and
is free to do so (using a portion of u,, 5). This analysis provides the pile head load-deflection (P,-Y,)
and pile head load-maximum bending moment (P-M, ) relationship corresponding to different
levels of anticipated load, P,. As aresult, the designer can calculate the equivalent static load during
the earthquake and obtain the corresponding Y, and M_,, values from the predicted P-Y, and P -

M,_,, curves, respectively.

The technique presented yields the undrained p-y curves along the deflected length of the pile
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showing a distinct change from the corresponding drained soil-pile interaction response. The
undrained SW model takes into account the effect of pile properties as well as the properties of the
sand on the resulting nonlinear p-y curves and, hence, the pile head response. The analysis procedure
considers the developing or mobilized wedge of resisting soil as part of its nonlinear deflection
compatible evaluation. An associated computer program gives the pile-head load, the associated pile-

head deflection and the maximum moment value as well as undrained p-y curves (as desired).

53  FREE-FIELD EXCESS POREWATER PRESSURE, u,,

Seed et al. (1983) developed a simplified procedure for evaluating the liquefaction potential of sand
for level ground conditions based on the sand’s corrected standard penetration test (SPT) blow count,
(N))s. The free-field porewater pressure increase (U, ¢) in the sand or silty sand soils due to the
equivalent history of earthquake shaking can likewise be assessed. The procedure requires
knowledge of the total and effective overburden pressure (0,, and 0., respectively) in the sand layer
under consideration, the magnitude of the earthquake (M), the associated maximum ground surface
acceleration (a_,,) at the site, and the percentage of fines in the sand (Seed et. al 1985). The cyclic

stress ratio, CSR [(T,),.. / 0,.], induced by the earthquake at any depth is computed as

a. G
CSR = = 0.65 == = r, (5.1)

where (7,),.. is the magnitude of the uniform sinusoidal shear stress on horizontal and vertical planes
of N equivalent cycles of excitation, g is the acceleration of gravity, and 1, is the stress reduction
coefficient varying from 1 at the ground surface to a value of 0.9 at a depth of 9.6 m. The stress
reduction coefficient (r,) versus depth is given in Fig. 5.3 of Seed and Idriss (1971).

Curves of the cyclic resistance ratio (CRR) necessary to cause liquefaction in an M = 7.5 earthquake
versus the corrected blow count, (N,),,, are given by (an updated) Fig. 5.4 of Seed et al. (1985) for
different fines contents. Youd and Idriss (1997) provide a summary of different scaling factors and
their equations suggested by various investigators to convert this resistance ratio (of 15 cycles at M

=7.5) to that of the desired earthquake M of N cycles. A curve midway in the recommended range
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is employed herein (Fig. 5.5).

The factor of safety against liquefaction at the end of N cycles of excitation of an earthquake of
magnitude M is taken as the ratio, CRR / CSR. Even if this ratio does not drop to a value of unity
(i.e. failure), a free-ﬁéld excess porewater pressure will result. If N cycles of CSR are induced, but
N, cycles are required to liquefy the sand at this same stress ratio, then the excess porewater pressure
ratio (r,) generated is given in Fig. 5.6 (DeAlba et al. 1976) as a function of N/ N,. Givenr,, the free-
field excess porewater pressure generated is

ux:,ﬁ' =T -o—vo . (5.23)

and the resulting reduced vertical effective stress 1s

G, =(1-r)0, (5.2b)

5.4 NEAR-FIELD EXCESS POREWATER PRESSURE, u,;

The technique for assessing undrained response developed by Norris et al. (1997) and formulated by
Ashour and Norris (1999) employs a series of drained tests (with volume change measurements) on
samples isotropically consolidated to the same confining pressure, 0. (= 0,,), and void ratio, e, to
which the undrained test is to be subjected. However, the drained tests are rebounded to different

lower values of effective confining pressure, 0, before being sheared (Fig. 5.7).

During an isotopically consolidated undrained (ICU) test, which represents the state in the saturated
sand around the pile, the application of a deviatoric stress, ,, produced by the lateral load from the
superstructure causes the near-field porewater pressure (u, ) to build up which results in a reduced

effective confining pressure, 0, (Fig. 5.7b), i.e.

_63 =0y, ~ U, . (effect of near-field porewater pfessureonly) (5.33)

In order to simulate the effect of u,, ; combined with u,, ., the confining pressure is reduced from
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0, under undrained conditions, for free-field excitation (u,, ), before the pile induced 04 and u,,
are taken to occur. Accordingly, Figs. 5.7b and 5.7c are modified as seen in Fig. 5.8 and expressed

as

o, =(0

3 - u (free- and near-field porewater pressure) (5.3b)

3¢ x:,ff) - ux-\'."f

Due to o, an isotropic expansive volumetric strain (g, ;) develops the same as recorded in an
isotropically rebounded drained triaxial test. However, in the undrained test, the volumetric change
or volumetric strain must be zero. Therefore, there must be a compressive volumetric strain
component (g, g..,) due to this superstructure-pile induced deviatoric stress, 6,. The shear related

volumetric strain, €, g,,» must be equal and opposite to &, ;,, 1.€.

= -¢,, (5.4)

so that the total volumetric strain, €, = €, i, + &, g iD undrained response is zero. In the
isotropically consolidated-rebounded drained triaxial test, €, ;,, and then g, g, (to match g, ;) are
obtained separately and sequentially; in the undrained test, they occur simultaneously, but with the

same end results (Norris et al. 1997).

During drained isotropic expansion, the resulting axial strain, £, is

1
€ Lk = 82,1‘:0 = 83,1':0 = ; sv,iso (55)

Based on Hooke’s Law and effective stress concepts (Nortis et al. 1998), the undrained axial strain
due to shear (o,) and effective stress (0;) changes can be related to the drained or effective stress

strains as

(81 )undrained - (81 )0 ¥ (81 )AEJ ) (81 )drained * Sl’i"o
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1
~&., 5.6
7 (5.6)

(81 )drainedb
Therefore, with isotropically consolidated-rebounded drained triaxial tests available for different o,

one can assume a value of 0,, find €, ,, (Fig. 5.7b), enter the € -¢, drained shear curves (Fig. 5.7a)

v, is0

ate equal to €, ., and find the drained ¢, and o, on the same 0, confining pressure ,-¢ and g -q;

v,shear

curves. Then (g,) is established according to Eqn. 5.6 and one point on the undrained o,-¢,

undrained

curve can be plotted. The corresponding effective stress path (p = 9, + ¢, /2 versus q = 04 /2) can

also be plotted as shown in Fig. 5.7c.

The technique presented above (Norris et al. 1997) requires a series of isotropically consolidated
drained (ICD) tests be performed to allow one to assess the undrained stress-strain curve of a
saturated sand consolidated to a certain confining pressure, 0, at a particular value of void ratio, e,
or relative density, Dr,. Alternatively, Ashour and Norris (1999) have established a group of
equations, based on readily assessed properties of sand, that yield all the relationships presented in

Fig. 5.7 and as described as follows:

» The stress-strain and volume change curves (0,-€,-¢,) of the isotropically consolidated, drained,
triaxial test (OCR = 1)

» The isotropically consolidated, rebounded, volume change curve

» The stress-strain and volume change curves of the isotropically consolidated, rebounded, drained

test (0,-€,-¢,) at different overconsolidation ratios (OCR = 0,,/ 0, > 1).

These formulations (Ashour and Norris 1999) are employed in this chapter to assess the whole
undrained stress-strain curve of saturated sand (Fig. 5.2). The SW model representation of
deformation in the soil is predicated upon triaxial test stress-strain response at constant confining
pressure (0,,) corresponding to the initial effective overburden pressure (0,,). Therefore, the
predicted undrained stress-strain curve is employed in the SW model analysis to analyze the response
of a laterally loaded pile in saturated sand under undrained conditions and developing liquefaction.

The calculated undrained response of sand is function of
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» the relative density of sand (Dr,) at the corresponding consolidation pressure (0;,);

o the shape of the grains of sand (roundness parameter, p);

» the angle of internal friction (¢);

« the drained axial strain at a deviatoric stress level of 50% (&;,); and

« the consolidation pressure (,,) which represents the original vertical effective stress in sand (q ).
As described by Eqn. 5.3b, the effective confining pressure 0, will be zero when r, in the free-field
reaches 1. As a result, the liquefied sand may exhibit increasing undrained deviatoric strain (g,)
associated with, approximately, zero deviatoric stress (o,) before it dilates, as seen in Fig. 5.9 (Seed
1979, and Vaid and Thomas 1995). It should be noted that the denser the sand (e.g. Fig. 5.9b), the
less strain before dilative response occurs. Such dilative behavior of liquefied sand is employed in
the current procedure. However, details of such post liquefaction, stress-strain characterization will

be presented in a separate work.

5.5 UNDRAINED STRAIN WEDGE MODEL FOR SAND

The basic purpose of the SW model is to relate stress-strain-strength behavior of the soil in the wedge
to one-dimensional Beam on Elastic Foundations (BEF) parameters. The SW model is, therefore,
able to provide a theoretical link between the more complex three-dimensional soil-pile interaction
and the simpler one-dimensional BEF characterization. SW model response and BEF characterization

reflect the following interdependence:

. the horizontal soil strain (€) and stress change (Ao,) in the developing passive wedge in front
of the pile (in the SW model) to the deflection pattern (y versus depth, x) and the soil-pile

reaction (p) of the pile, respectively, in BEF characterization

. the nonlinear variation in the Young's modulus (E = Ag,/€) of the soil (in the SW model) to
the nonlinear variation in the modulus of soil subgrade reaction (E, = p/y) associated with

BEF characterization.

The analytical relations that reflect soil-pile interaction response characterized by the SW model are

presented in detail by Ashour et al. (1998). The SW model allows appropriate evaluation of BEF
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parameters to solve the following fourth-order ordinary differential equation,

EI( d“y) + Q [c_iz_y] +E(x)y =0 @)

d%x d*x

El indicates the pile bending stiffness, Q symbolizes the axial load, y represents the lateral deflection
of the pile at depth x, and E_ is the soil-pile reaction. Note that E_ (x) y is the soil-pile reaction p,

because E; is the secant slope of the p-y curve at depth x.

5.6 CONFIGURATION OF THE PASSIVE SOIL WEDGE

The SW model is based on the mobilized passive wedge in front of the pile (Fig. 5.10) which is
characterized by base angle, B, the current passive wedge depth h, and the spread of the wedge via
the fan angle, ¢, (the mobilized effective stress friction angle). The horizontal stress change at the
passive wedge face, Ao,, and side shear, T, act as shown. A basic assumption associated with the SW
model is that the deflection pattern of the pile can be taken to be linear over the controlling depth of
the mobilized passive wedge of soil near the pile top resulting in a linearized deflection angle, 8, as

seen in Fig. 5.11.

The SW model subdivides the soil profile and the loaded pile into sublayers and segments of constant
thickness as shown in Fig. 5.11. Each sublayer of soil is considered to behave as a uniform soil and
have its own properties according to the sublayer location and soil type. However, the depth, h, of
the deflected portion of the pile is controlled by the stability analysis of the pile under the conditions
of soil-pile interaction. The effects of the soil and pile properties are associated with the soil-pile
reaction along the pile by the Young's modulus of the soil, the stress level in the soil, the pile
deflection, and the modulus of subgrade reaction between the pile segment and each soil sublayer
(Ashour et al. 1998).

The shape of the wedge in any soil layer depends upon the properties of that layer and, therefore,
would seem to satisfy the nature of a set of independent Winkler “soil” springs in BEF analysis (Fig.
5.12). However, the mobilized depth (h) of the passive wedge at any time is a function of the various

soils (and their stress levels) and the bending stiffness (EI) and the head fixity conditions (fixed, free,
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_or other) of the pile. This, in turn, affects the resulting p-y response in a given soil layer, therefore,

the p-y response is not a unique function of the soil alone.

The governing equations of the mobilized passive wedge shape are applied within each soil sublayer
(i) of a given deposit. The configuration of the wedge (Figs. 5.10 and 5.11) at any instant of load is

a function of the stress level in the sublayer of sand and, therefore, its mobilized friction angle, @,

(©,), =45 - ((pz'")i ? (B, = 45 + 2ek (5:8)
The width, BC, of the wedge face at any depth is
(BC), =D + (h - x,) 2(tanB,), (tan@,), (5.9)

where h symbolizes the current full depth of the passive wedge in front of the pile; x; represents the
depth from the top of the pile or passive wedge to the middle of the sublayer under consideration; D
indicates the width of the pile cross-section (see Fig. 5.10). The equations above are applied at the

middle of each sublayer.

5.7 STRAIN WEDGE MODEL UNDER UNDRAINED CONDITIONS

" Under undrained conditions, the major principal stress change (Ag,) in the wedge is in the direction

of pile movement, and it is equivalent to the deviatoric stress in the isotropically consolidated
undrained (ICU) triaxial test as shown in Fig. 5.11 assuming that the horizontal direction in the field
is taken as the axial direction in the (ICU) triaxial test. The vertical stress change (Ao,) and the
perpendicular horizontal stress change (Ao,,) are equal and taken to be zero. Corresponding to the
(ICU) triaxial compression test, deviatoric stress is increased, while the effective confining pressure
decreases due to the positive induced excess porewater pressure, Auy. Note that Au, represents

of the near-field region.

The approach presented by Ashour and Norris (1999) evaluates the deviatoric stress-axial strain
response of sand under undrained conditions. Therefore, it provides the SW model with the

capability of assessing the response of a laterally loaded pile in saturated sand under undrained
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conditions. As presented above, the SW model is based on the concepts of the triaxial test. The near-
field build-up of the porewater pressure around the pile affects the vertical (0,,) and the horizontal
effective stresses (0,) which are initially assumed to be equal, i.e.

o

=K Evo = EW =0 ; k = 1 (due to pile installation) (5.10)

ho 3¢

The cycles of earthquake loading will generate excess porewater pressure in the free-field (u, ) that
will reduce the effective stress in sand (Eqn. 5.2) according to its location below ground surface.
Once the excess porewater pressure (u,, ) increases due to the pile loading, the confining pressure

in the sand around the pile reduces to

o, =0, =(0

(5.11)

3¢ uxs,_ﬁ') - uxs,nf

where

o \ Ev + Ao,

Uy, ¢ (= Auy) is a function of stress level. Therefore, the assessment of the mobilized strength of the
sand (0, = Ag,) as a function of the axial strain (major strain) under undrained conditions allows the
determination of the sand resistance and pile deformation at the associated undrained horizontal
strain, &, which is equal t0 (€;)yndmines I Eqn. 5.6. The current value of undrained Young’s modulus

in sand sublayer (i) which is associated with ¢, is given as

Ao,

€

0,

€

(E,); = (5.12)

u 1

i

Both the vertical strain (¢, ) and the horizontal strain perpendicular to pile movement (g,) are equal
and are given as
€, €, =-VE,

where v is the Poisson’s ratio of sand under undrained conditions (equal to 0.5).
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The major principal effective stress change, Ac,, in the passive wedge is in the direction of pile
movement and is equivalent to the deviatoric stress change in the undrained triaxial test, g, (assuming

that the horizontal direction in the field is taken as the axial direction in the triaxial test).

The mobilized effective stress fanning angle, @_, of the passive wedge in front of the pile is related
to the stress level or the strain in the sand. Knowing the soil strain, €, the deviatoric stress, g4, and
the instant associated effective confining pressure, 0, , ¢,, can be determined from the associated
effective stress-strain curve and effective stress path. Based on the approach presented in Ashour and
Norris 1999, both the stress level, SL, and the mobilized angle of internal friction, @, associated

with the effective stress, 0,, and soil strain, éu, under undrained conditions can be calculated, i.e.

(SL,), = ___A_UL_ _ (0,);
(A0, 5. _ 0 (5.13)
(0,), [tan® | 45 + —| -1
2
Since o, = (Es)i tan® [45 + ((pz'")") - 1} , then
tan? [45 + ((P"')‘] -1
(L), = 2 (5.14)

Note that SL, is stress level relating the effective stress g, (= Ao,) to 04 (= A0yg); where Aoy, is the

peak of the associated drained (i.e. current 0,) effective stress-strain curve (Fig. 5.7a).

The initial and subsequent values of confining pressure are not equal along the depth of the passive

wedge of sand in front of the pile. Therefore, at the same value of horizontal soil strain (g,), the
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. undrained resistance of the sand surrounding the pile varies throughout the depth of the passive
wedge of sand providing different values of stress level. Such behavior requires the determination
of the mobilized undrained resistance of the sand along the depth of the passive wedge. The SW
model provides the means to divide the sand layer into equal-thickness sublayers in order to calculate
the undrained sand response at each sublayer (i) according to the location and the properties of sand

of that sublayer.

5.7.1 Soil-Pile Interaction in the SW Model Under Undrained Conditions

By applying the drained SW model procedures for sand presented by Ashour et al. (1998), the
modulus of subgrade reaction of the sand under undrained conditions, E,, at any sublayer (i) can be
determined based on the associated values of E, and SL,. The SW model relies on calculating the

modulus of subgrade reaction, E, , which reflects the soil-pile interaction at any level during pile

su?

loading or soil strain. In any sublayer (i), E, is expressed as

p;
(E,); = — (5.15)
Vi
Corresponding to a horizontal slice of (a soil sublayer) at a depth x (see Fig. 5.10), horizontal

equilibrium and the soil-pile reaction, p, (line load), under the undrained conditions is expressed as

p, = (Ac,), BC, S, +21,D &, (5.16)

Ao, represents the mobilized undrained resistance in sand sublayer (i). Shape factors S, and S, are
equal to 0.75 and 0.5, respectively, for a circular pile cross section, and equal to 1.0 for a square pile

(Briaud et al. 1984). Side shear stress, t, under undrained conditions is given as

1, = (0,), tan(d,); tan(,), = 2tan#(¢@,), (5.17)

¢, indicates the angle of friction for side shear response which mobilizes faster than @_ (¢ < @).

The assessed p-y curve for the laterally loaded pile in sand under undrained conditions should be
softer than that of the drained case. However, the p-y curve for medium dense sand (dilative at large
strain) could be slightly lower than or equal to that in drained conditions. Because negative

porewater pressure is not included in the technique employed here, the p-y curve under undrained
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conditions would never be stiffer than the drained one. Therefore, this approach is conservative

relative to dense sands.

Alternatively, one can rearrange Eqn. 5.10 as
4 - p/D _BC, 5 21,5,
(Ao,), D (Ao,),

Parameter A symbolizes the ratio between the equivalent pile face stress, p/D, and soil stress (Ad,)

(5.18)

at the face of the passive wedge. It is a function of pile and wedge dimensions, applied strains, and
soil properties. By combining the equations of the passive wedge geometry (Eqns. 5.8 and 5.9) and
the side shear stress (Eqn. 5.17) with the above relationship, one finds that

. (h - x,) 2(tanP, tan@ ), 25, (63),. (tan@,),
+ +

_ 5.19
P D (Ac,), ©-19)

where the values @_, 05, @, and Ao, are calculated from the undrained effective stress behavior of

the sand.

By comparison with the drained modulus of subgrade reaction, E,, in sand presented in Ashour et al.
(1999), the undrained modulus of subgrade reaction, E_, is given as

i _ D (A 8u Eu)i (A Eu)i
v, d(h-x) (h-x)

(E,) = D (¥)), (5.20)

¥ is a parameter that relates & to €,. Using the concepts presented by Ashour et al. (1998) and based
on Equations 2.37 through 2.40, the relationship between £, and 6 can expressed as

Y == 5.21
“ =5 (5.21)

or

2
Y -
(1 +v)sin20, (5.22)
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The parameter ¥, varies with the undrained Poisson's ratio of the soil (v,) and the soil's mobilized

angle of internal friction (@) and the mobilized passive wedge angle (©,).

Undrained Poisson's ratio for sand is equal to 0.5, while the base angle, ©,, can vary between 45° (for
@, = 0 at e= 0) and 25° (for, say, @,, = 40° at failure), respectively. For this range in variation for v

and @_, the parameter ¥ for sand varies between 1.33 and 1.74 with an average value of 1.55.

It should be noted that Eqn. 5.20 is based upon the undrained response of sand using the undrained
stress-strain relationship (g,, 0, and E, ) and values of the parameters A and ¥, for undrained
conditions. Once the values of E, at any level of loading along the length of the deflected portion
of a pile are calculated, the laterally loaded pile and the three-dimensional passive wedge in front of
the pile can be transformed to a Beam on Elastic Foundations (BEF) problem (Eqn. 5.7) as shown
in Fig. 5.12. The laterally loaded pile analysis represents an iterative solution that satisfies the
equilibrium between the lateral load, soil-pile resistance, soil strain, and the associated pile deflection
at any level of loading. The evaluation of the modulus of subgrade reaction (E,) as a function of soil
and pile properties is the key point in the SW model analysis. Thereafter, a numerical technique such

as the finite element of the finite difference method can be utilized to solve the BEF problem.

5.8 GROUP EFFECT ON THE RESPONSE LATERALLY LOADED PILES IN
LIQUEFYING SANDS
As seen in Fig. 5.13, the interference among the individual piles is a function of the area of the
overlap zones which varies with the level of loading and the location of the soil sublayers (i.e. the
geometry of the soil passive wedge). As mentioned in Chapter 3, the overlap shear zones produce
increase the stresses (i.e. strains) in the passive wedge of soil in front of the pile in question.
Consequently, the total strain, €, in the passive wedge (due to the pile head load, P, and the
interference among the piles) will induce a pile-head deflection larger than that of the single pile

under the same lateral load P,.

The major difference between the drain and undrained analysis of the pile group is the soil stress-

strain relationship. The undrained stress-strain relationship assessed in Chapter 4 is employed in the
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analysis of the pile group in order to predict the changes in soil resistance at €, This procedure is
applied at each sand sublayer to reflect the undrained behavior of sand in that sublayer at the current
level of loading and the accompanying shape of the passive wedge. It should be noted that the shape
and geometry of the passive wedge of liquefied soil are based on the accompanying undrained stress-
strain relationship which affects, in turn, the area of the overlapping among the piles in the group.
While the strains (stresses) increase in the overlap zones, the excess porewater pressure may increase

too according to the density of sand.

e =g + Ag, (5.23)

It should be noted that the group effect on the pile response (compared to the single pile), in the
liquefying soil (undrained condition), is much less than that one under the drained conditions. As
a result of sand dilatancy, the gab between the drained and undrained group effect decreases by
increasing the density of sand. Thus, compared to the undrained response of the single pile in loose
sand, there is no much reduction in the capacity of an individual pile in a group of piles embedded

in the same liquefiable loose sand.

Figures 5.14 through 5.16 show the effect of the interference among the piles in the group (working
load reduction factor) on the average pile-head response of the pile group. 2D and 4D pile spacings
among the piles of a 3 x 3 pile group are assumed. The pile group is, also, assumed to be driven in
loose, medium and dense saturated banding sands which have relative densities of 37, 64 and 82
percent. The pile employed is a long pile of 0.304-m diameter and pile bending stiffness of 31300
kn-m®. The results presented in Figs. 5.14 through 5.16 reflect only the effect of the near-field excess
porewater pressure (u,, ,) on the undrained response of the pile group compared to the drained and

undrained ones of the single pile.

As seen in Figures 5.14 through 5.16, the close pile spacing (2D) has an effect on the reduction factor
of an average pile in the group under the undrained conditions. However, this influence reduces
significantly by increasing the pile spacings to 4D or lager. It should be noted that the excess

porewater pressure in the near-filed reduces the pile-head capacity of the single pile in loose sand
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(highly liquefiable soil), and the interference among the individual piles in the group induces
additional reduction for the pile gfoup capacity. However, the increase in sand density will limit the
influence of both of the u,, ,, and the piles interference in the pile group, as shown in Figs 5.14b,
5.15b and 5.16b.

59 SUMMARY

The procedure presented yields the undrained response of a laterally loaded pile in liquefiable soil
incorporating the influence of both the developing excess porewater pressure in the free-field (due
to the ground acceleration) and that additional near-field pore pressure (due to the lateral load from
the superstructure). The technique reflects the effect of undrained conditions in the soil on the
assessed (soil-pile reaction) p-y curves based on the reduced soil-pile interaction response (modulus
of subgrade reaction). Compared to pile response under drained conditions, the approach proposed
shows a dramatic reduction in pile head capacity can occur due to developing liquefaction. The
flexibility and capability of this procedure will reduce the uncertainty of dealing with the behavior
of laterally loaded piles in liquefiable soils. It will allow the designer to assess realistic responses

of laterally loaded piles in liquefiable soils based on the local site conditions and the seismic zone.
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CHAPTER 6

CASE STUDIES AND APPLICATIONS

6.1 INTRODUCTION

This chapter presents some examples and full-scale load tests in liquefying soil to highlight the
capabilities and the limitations of the proposed technique. Unfortunately, the number of full-scale
load tests in liquefying soils available in the literature is very limited because of the cost to run such
tests and the sophistication of the test procedure. The first application in this chapter is an
illustrative example that highlights the versatility of proposed procedures. This example reflects the
significance of the different types of excess porewater pressures (free- and near-field) in the analysis
of laterally loaded piles. The second application is a comparison study with full-scale lateral load
tests in a liquefying soil. The tests were conducted on a single pile and a pile group on Treasure
Island, San Francisco Bay, California. The good comparisons obtained from these tests validate and
build ones’ confidence in the proposed procedures. A design problem from the literature is
presented as the third example. This design problem was analyzed using the computer program
LPILE for drained conditions and SW model to obtain softer p-y curves as a result of soil

liquefaction.

6.2 RESPONSE OF A SINGLE PILE IN UNIFORM MEDIUM TO LOOSE SANDY SOIL
The example presented reflects the effect of undrained conditions on the behavior of a lateralty
loaded free-head pile similar to the pile used in the Mustang Island test (Reese et al. 1974) but
driven into a sand similar to Banding sand which was tested by Castro (1969) and studied by Ashour
and Norris (1999). This example shows clearly the differentiation between the p-y curves under
drained and undrained conditions. The undrained loading conditions solved involve the
consideration of excess porewater pressure in the free-field (u,, (), the near-field (u,, ), and a

combination of both of them (u,, &+ U, 19-
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The pile is a free-head steel pipe pile of 0.6 m diameter, 21.3 m length, and bending stiffness, EI,
166.7 MN-m?. The pile is assumed to be driven in a saturated loose to medium sand (similar to
Banding sand) and to have a relative density (Dr) of 37% (SPT corrected blow count of 6,
Tokimatsu and Seed, 1987), an angle of internal friction of 32.5 degrees, an effective unit weight
of 9.4 kKN/m’, and a strain (&,,),, s (reference strain) of 0.85% (Castro 1969, and Ashour and Norris
1999). The sand employed is assumed to be clean sand. The maximum ground acceleration (a,,,,)

at the ground surface at the site for assessment of u,,  is equal to 0.08g.

The sand employed exhibits undrained contractive type of behavior followed by dilative response
as seen in Fig. 6.1. Figure 6.1 shows that each sublayer has its own undrained resistance (o, - €,)
according to its location. In addition, the sand has an increasing peak undrained resistance with
depth which occurs at the high point on the associated effective stress path but below the Mohr-

Coulomb failure envelope.

The consideration of undrained conditions in the analysis of the laterally loaded pile driven in loose
to medium sand results in a varied drop in the pile-head load capacity compared to that of drained
(i.e. static) conditions (Fig. 6.2). The consideration of the different excess porewater pressures in
free- and/or near-field (u,; ;and u,, ) affects the resistance of sand significantly. It is obvious from
Fig. 6.2 that the reduction in pile response under undrained conditions does not have the same
pattern and is a function of the level of lateral loading and the type of excess porewater pressure.
Note that use of u,, .- alone might reflect the undrained response of a pile in sand due to (say) a ship

impact load (no earthquake).

The pile-head load-displacement curves shown in Fig. 6.3 reflect the effect of a varying ground
surface acceleration (and u,, 5) on the undrained response of the pile. Note that a value of 0.00g
implies there is only u,, . It should be noted that the sand approaches complete liquefaction (r, =1)
under free-field conditions at a_,, = 0.15g. Figure 6.4 shows the distribution of the drained and
undrained lateral deflection (y) and the associated bending moment (M) along the loaded pile under

different values of the ground acceleration.
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The induced drop in soil resistance along the height of the passive wedge of sand in front of the pile
produces a softer p-y curve comﬁared to that assessed under drained conditions as shown in Fig. 6.5.
The incorporation of different values of a,,, (and u,, &) with the near-field water pressures results

in substantial changes in the shapes of the p-y curve at the same depth (3 m below ground surface).

6.3 TREASURE ISLAND, SAN FRANCISCO BAY, FULL-SCALE LOAD TEST ON
SINGLE PILE AND PILE GROUP
This example presents a comparison between the results obtained by using the SW model and the
data observed from full-scale field tests in liquefied soil on Treasure Island in San Francisco Bay,
California (Ashford and Rollins, 1999). A series of lateral load tests on a full size CISS pile (cast
in steel shell) and pile group were conducted in liquefied soil to improve the understanding of the
lateral load behavior of long piles in liquefied soil. Both static and cyclic tests were conducted in
non-liquefied soil, and then in liquefiable soil after a surface layer 3 to 6 m thick was liquefied by

blasting techniques.

The soil profile at the Treasure Island testing site consists of hydraulically placed fill to a depth of
11 m, underlain by natural sandy silts and San Francisco Bay Mud to depths that exceed 20 m. The
hydraulic fill consists of loose to fine silty sands or sandy silts with thin interbeds of lean clay
(Bennett 1994). The water table is 1.2 to 1.8 m below the ground surface. Figures 6.6 and 6.7 show
the soil boring log for the single pile, and the 4-pile group and the 0.6-m CISS pile test areas,
respectively. The soil was liquefied by carrying out controlled blasts at that site without densifying
the soil in the test area. Figure 6.8 exhibits the dissipation of the excess porewater pressure ratio,
1,, 2t 2.7 m depth at the location of the pilot liquefaction study. More details on the procedures of
liquefying the soil at the test site are reported by (Ashford and Rollins, 1999). The soil properties

employed in the SW model analysis is listed in Exam1.sws file which is attached to the program.

The drained and undrained lateral load tests presented in this case study were performed on 0.324-m
diameter pipé pile (EI = 44500 kn-m?), 0.6-m diameter CISS pile (cast in steel shell, EI = 448320
kN-m?), and 0.310-m wide H-pile (EI = 49000 kN-m?). All tests piles had free-head conditions and

were laterally loaded 0.8 m above ground surface. The tested piles had different values of bending
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stiffness which are calculated and presented with each test as seen in the accompanying figures.

The predicted and observed drained response of the three piles compare favorably as seen in Figs.
6.9 through 6.11. While the pipe pile (0.324-m diameter) exhibits a bending stiffness less than that

of the H-pile, both piles experienced approximately the same (observed) drained responses.

It should be noted that the procedures followed in the Treasure Island test (liquefying the soil around
the pile and then loading the pile laterally) are similar to the procedures presented in Chapter 5. The
assessed undrained behavior of the test piles is based on the procedures presented herein, and

includes the effect of both excess porewater pressure components (U, &+ Uy 1o)-

The piles were cyclically loaded after the first blast at the site. The observed undrained points,
which are shown in Figs. 6.9 through 6.11, represent the peaks of the cyclic undrained response of
these piles. It should be mentioned that the good agreement between the measured and predicted
undrained response is based on an assumed maximum ground acceleration, a,,,,, of 0.08g in Figs.
6.9 and 6.11, and an a_,, of 0.1g in Fig. 6.10 (H-pile). These values of ground surface acceleration
generate high excess porewater pressures (u,, ) in most of the sand layers and complete liquefaction
in other layers. These values of a_,, (0.08g and 0.1g) employed in the analysis cause excess
porewater pressure ratios (r,) equal to unity in most of the soil profile and the best match with the

measured free-field excess porewater pressure pattern induced in the field (Fig. 6.8).

The pile group (2 x 2 CISS 0.324 m diameter) was loaded statically until one pile reached an
absolute displacement of 38 mm at the loading point. Good agreement between the observed and

predicted static loading is shown in Fig. 6.12.

After this test, the charges were set off. Ten seconds later, the post-blast loading sequence began.
The piles were cycled to 75, 150, and then 225 mm absolute displacement at the loading point, and
then cycled 9 times at 225 mm displacement. Figure 6.12 shows a very good match between the
predicted and observed undrained behavior of the pile group. An a_,,, of 0.08g was used for the
predicted group case. The observed points plotted in Fig. 6.12 represent the largest values of the
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pile head load - load displacement path during the cyclic loading.

The procedure presented in this report may be conservative because it takes the soil to be completely
undrained (no excess porewater dissipation during shaking or loading of the pile) and the sand

around the pile (near-field region) to be a clean sand.

6.4 SINGLE PILE BEHAVIOR IN LAYERED SOIL THAT INCLUDES A HIGHLY
LIQUEFIABLE LAYER OF SOIL
This example has been presented by Wang and Reese (1998) to analyze the behavior of a laterally
loaded pile in liquefied soil by reducing the traditional (Matlock-Reese) p-y curve. The
modification of the traditional drained p-y curve is based on the use of the residual strength of the
liquefied soil. A drilled pier with a diameter of 1.2 m, a penetration length of 18.3 m, and bending
stiffness of 2.30 x 10° kN-m? is assumed to be driven in the soil profile shown in Fig. 6.13. The pier
in question is subjected to an axial load of 100 kN and one external pile-head moment of 316 kN-m

in the direction of the lateral load.

The second layer of soil below the ground surface (5.2 m thick) is a liquefiable layer with a residual
strength of 7.2 kN/m®. The second layer of soil which consists of a submerged loose sands will

liquefy under an earthquake of magnitude 7 on Richter scale.

Figure 6.14 shows a comparison between the drained and undrained responses of the loaded pier
which are obtained using the SW model and, separately, the data assessed by Wang and Reese
(1998) using LPILE and modified traditional p-y curves for sand. It should be noted that the soil
reaches its residual strength at large values of soil strain. Also, the traditional p-y curve is developed
based on the data collected from drained tests. There was no detail given on how the drained p-y

curves were modified based on the residual strength of soil.

A maximum ground acceleration of 0.15g is assumed in the SW model solution. As a result, the
excess porewater pressure ratio (r,) in the liquefiable layer approaches 100% and develops complete

liquefaction in this layer upon pile head load applications.
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The results of p-y method, which is shown in Fig. 6.14, are assessed at a low level of loading (very
small soil strain) and has a signiﬁcant difference between the results of LPILE and the SW model.
It should be noted that the p-y method does not provide reliable results at the low level of loading
and soil strain. Also, the pile analyzed in the current case does not respond as a long pile but, rather,
an intermediate pile. Therefore, the pile length must be increased to allow the employment of the

Matlock-Reese p-y curves in the analysis.
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APPENDIX II. (Simple Shear Characterization)

An expanding Mohr circle about an initial isotropic stress state (0, = 6., K, = 1) can be
considered as a two-dimensional representation of an increasing simple shear stress state. While
the normal stress on horizontal and vertical planes remains constant (equal to ¢,_), the

corresponding 0, and 0, become

E1 = 03:: + ‘rmax > 63 = cI3c - Tmax (Hl)
and
_ Ud . _ _ - 2 P
Taw = 3 02 = SL O, = SL 0 [tan’ (45 + ) - 1] (11.2)
D 0,/2 E
Yoe =& (1 * V)5 G = = = = (IL.3)

Y max g (1 +v) 2(1 +v)

where v, vy and G represent the Poisson’s ratio, the shear strain and the shear modulus,

respectively.

From Equation 4.5,

g (o)
= -4 % exp(-3.707SL) (IL.4a)

s50

E =2
&

and



E =< at SL =0 (iI.4b)

Therefore, the Young’s modulus reduction, E/E,, is simply

= exp(-3.707SL) (I1.5)

Bt |t

Corresponding to this, the shear modulus reduction, G/G,,, is

+ (1 +v)
G _EpRArv] _E L " (IL6)
G, EJ/[2(1 + V)] E (1 +V)

where E/E, is given by Equation IL5. If one takes v to vary linearly with SL from v; = 0.1 at SL
=0 to, say, v = ¥ at SL = %, then G/G, vs. Y can be obtained in the following fashion:

L. Choose SL

2. Assess €, vand Y,

3. Assess E/E, and G/G,

4. Plot G/G, vs. Y pax

5. Repeat steps 1-4

Figure 3 was constructed in this fashion for a value of &5, = 0.003 at g, = 100 kPa, and v=0.1 +

0.8SL, for SL from 0.0 to 0.5.



APPENDIX IIIL

The €,-g, ., relationship (Fig. 4) is expressed by a fifth order binomial equation as follows:

y =a + bx + cx2 + dx3 + ex? +fx5 (HII)

The slope of any point on the g-€, g, relationship is given as

y =b +2cx + 3dx? + dex® + 5fx* (IIL.2)

where term x represents the axial strain g, y symbolizes the volumetric strain due to shear €, ...,

and y indicates the slope of a point on the curve of &,-€, .., relationship (de, / de, .,,)

x=0 y =0 y =8, (IIL.3)

4 (I1.4)

Therefore, Equations III.1 and II1.2 can be rewritten as

y=8,x +cx? +dx® +ext + fx? (IIL.5)
y =8, +2cx +3dx? + dex® + 5fx* (1IL6)



: l it ot B
x =x, Y =y, y (11IL.7)
yg =8, x5 +ext + de3 + exy? +ch8S (I11.8)

y S
c =2 -4 _ dx, - ex;’ - fx;’ (111.9)
x,? x
B B
;; =8, +2cxy + ?>dx82 + 4ex)33 + SfxB4 (1I1.10)
2
5, + s s, - 2dx,? - 2ex;’ - 2fx,* + 3dx? +
x
B
dex,’ + 5fx, =0 (1II.11)
¥
=S, + xB + deZ + 2exB3 + 3fx34 =0 (I11.12)
B
S 2y
d=-“4-_-2_ 2ex, - 3fx;’ (II1.13)
x?  x}
B B




By substituting for constant d (Equation III.13) in Equation II1.9, constant c can be written as

+ exy? + 2fx,} (111.14)

x = x, Y =¥ y =S =5, (LIL.15)
Therefore,
Yo =S, xc +ex? +dx’ +ext + fx. (II1.16)

By substituting for Constants ¢ and d (Equations III.13 and I11.14) into Equation III.16

3y 28
Yo =8, x, =2 - + eJcB2 + 2fxB3 xc2 +
xB2 Xg
S 2y
-T2 e, - 3wt v exg ¢ S (mL.17)
Xg Xp
3y, x.2 28, x> S, x.2? 2y, x.°
yC=SAxC+yBZC—AC+AC-yBC+
X *B x5 xy’



2 2

_ 3
e [xB X 2xp x,

‘;xc4]+f[2x33x2-3x2x3+x5]

(IIL.18)

C B C c

Equation III.18 can be expressed in short hand fashion as

Yo =M +eN + fO

(1IL.19)

where terms M, N and O symbolize the parenthetic terms in equation III.18

Consequently, constant e is given as

_ e - M -s0]
e =
N

(11I1.20)

Using Equation II1.20, the constants ¢ and d (Equations III.13 and III.14) can be expressed as

3y, 25, Yo -~ M - fO

e 2 ey | . I, 2fx, (IL21)
B B
S, 2y, Yo - M - fO

d = ;—2 - -x—3 - 2x3 [ N ] - 3fx82 (111-22)
B B

The slope at point C is defined as S; and represents the sixth boundary condition (equation

II1.15). By substituting into Equation II1.6



S, =S, +2cx, + 3dx. + dex] + 5fx (11.23)

By substituting for constants ¢, d and e (Equations II1.20 through II1.22) in Equation II1.23

6y, x 4S5, x -M - fO
Sf=SA Ys e _ 4°C . 2x. sz [yc 7 ] + 4ch83 Xo| *
2
Xp Xg N
3§, x.2 6y, x.2 - M - fO
4 *c B *c 6x, xcz [yc S ] _ 9fsz x|+
2 3 N
x x

v 5t (II1.24)

) 6y, xo  4S,x. 35,x> 6y, x.
S, =S, *
XBZ xB sz xC3
y. - M - fo - M - fO
2x, x,° e 1] 6xp X, e i ¥
N N
Yo - M - fO



0
f[6xB Jcc2 - 2x32' Xo - 4xc3] ; +fP (111.26)

wher
e Q and P denote the first and last parenthetic terms in Equation IIL.235.

Therefore,

2 3
- +
6xl9 Xc 4xC ]

f= _ (IL.27)

P+ [6xB xc2 - Zsz Xo - 4xc3]

2|0

According to Equation II1.27, constant f can be evaluated as a function of the slopes and
coordinates of points A, B and C on the €,-¢, ., relationship (Fig. 4). Having constant {, all
other constants (c, d and €) of Equation IIL.5 can be determined using Equations III.20 through

1I1.22.



Table 4.1 Roundness Classes (Powers 1953)

Grade Terms Class Intervals | Geometric Means
Very angular 0.12-0.17 0.14
Angular 0.17-0.25 0.21
Subangular 0.25-0.35 0.30
Subrounded 0.35-0.49 041
Rounded 0.49-0.70 0.59
Well rounded 0.70 - 1.00 0.84

Table 4.2 The Properties of Sands Employed to Develo

p the Approach Presented

Material

Roundness

(P

€

max

€

'min

C

u

Ref.

Nevada Sand
(subrounded, clean, fine,
white quartz, foundry sand)

0.45

0.856

0.548

1.6

Norris et al. (1995, 1997)

Ione Sand
(subangular, clean, fine,
grayish quartz, glass sand)

0.29

1.000

0.717

1.4

Norris et al. (1995, 1997)

Toyoura Sand
(angular, uniform, Japanese
sand)

0.21

0.977

0.605

1.46

Fukushima and Tatsuoka.
(1984)

Sacramento River Sand
(SRS)

(subangular to subrounded,
uniform, feldspar and quartz
sand)

0.35

1.03

0.61

1.4

Lee and Seed (1967)

Banding Sand
(subrounded to subangular,
uniform, clean, fine quartz
sand)

0.33

0.84

0.50

1.80

Castro (1969)

Kogyuk Sand (350/2)
(subrounded to subangular,
uniform, medium quartz
sand)

0.40

0.829

0.47

1.80

Been and Jefferies (1985)

Ottawa Sand
(rounded, medium uniform
quartz sand ASTM C-109)

0.55

0.55

0.82

0.95

0.50

0.57

1.50

1.66

Negussey and Vaid (1990)
Dakoulas and Yuanhui
(1992)
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Fig. 2.2 Deflection Pattern of Laterally Loaded Long
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Fig. 2.3 The Linearized Deflection Pattern of the Pile Embedded in
Soil in the Multi—-Sublayer Sirain Wedge Model
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(a) THE DEVELOPED HYPERBOLIC STRESS—STRAIN RELATIONSHIP IN SOIL

PARAMETER A

I
]

|
: | Stage I
|

STRESS LEVEL
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Fig. 2.8 The Developed Stress—Strain Relaionship in Soil
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Fig. 2.10 The Employed Side Shear Stress—
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Fig. 3.3 Definition of Terms for a Pile Group
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Fig. 3.9 lateral Load vs. Deflection at the Pile Head (Morrison and Reese 1986)
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Fig. 6.9 Pile-Head Response at Treasure Island Test Site Under
Undrained Conditions (Pipe Pile, 0.324 m Diameter)
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Fig. 6.10 Pile-Head Response at Treasure Island Test Site Under

Undrained Conditions (H-Shape, 0.310 m Width)
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Fig. 6.11 Pile-Head Response at Treasure Island Test Site Under

Undrained Conditions (CISS, 0.61 m Diameter)
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Fig. 6.12 (2 x 2) Pile Group Response at Treasure Island Test Site Under
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Fig. 6.13 Soil Profile for Various Soil Layer (Wang and Reese 1998)
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Fig. 6.14 Pile Response Under Drained and Undrained Conditions



