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EXECUTIVE SUMMARY 
 

 
Corrosion of steel bars in reinforced concrete structures is a major durability problem for bridges 
constructed in the New York State (NYS).  The heavy use of deicing salt compounds this 
problem.  Corrosion of steel bars results in loss of steel cross section, deterioration of bond 
between concrete and reinforcing bars, and more important, in most cases, it results in 
unsymmetrical concrete section that is susceptible to shear stresses produced by torsion. 
 
Though earthquake frequency of occurrence and the expected ground accelerations in NYS is 
less than in western states, the potential for earthquake damage in or around NYS is still very 
real. Given the level of deterioration in many reinforced concrete bridges in NYS, they are 
considered very vulnerable to major damage during a moderate seismic event. 
 
There is an urgent need for proper guide for evaluation of deteriorated reinforced concrete bridge 
components that could assist structural engineers estimate the reserved strength of deteriorated 
bridges, and design cost-effective methods for retrofit. 
  
Proper evaluation and retrofit of existing deteriorated reinforced concrete bridges will limit the 
collapse of bridge during moderate seismic events in NYS and the surrounding states, and 
consequently save people’s lives. 
 
The findings of this investigation suggest the need for seismic retrofit of deteriorated reinforced 
concrete bridge columns, particularly, those with corroded lap splice in the longitudinal 
reinforcement. The study also suggests the need for retrofit of corroded pedestal over piers and 
abutments, as they may cause sudden unseating of girders. 
  



V 
 

TABLE OF CONTENTS 
1  Introduction: 1 
2  Literature Review: 3 

2.1  Corrosion: ........................................................................ Error! Bookmark not defined. 
2.2  Corrosion Rates: ............................................................................................................... 4 

2.2.1  Definition: ................................................................................................................. 4 
2.2.2  Measurement: ............................................................................................................ 6 

2.3  Effect of Corrosion on Reinforcing Bars: ........................................................................ 7 
2.4  Effect of Corrosion on Material Properties: ..................................................................... 8 
2.5  Deterioration Stages: ........................................................................................................ 9 

3  Common Earthquake Failure Mechanisms: 10 
3.1  Introduction: ................................................................................................................... 10 
3.2  Unseating (most common): ............................................................................................ 10 
3.3  Column Shear: ................................................................................................................ 12 
3.4  Column Flexural Capacity: ............................................................................................ 14 
3.5  Inadequate Reinforcing Embedment and Laps .............................................................. 15 
3.6  Inadequate Foundation Capacity .................................................................................... 16 

4  Unseating: 17 
4.1  Introduction: ................................................................................................................... 17 
4.2  Minimum Support Length Requirements: ...................................................................... 18 
4.3  Corrosion of Connections and Bearings: ....................................................................... 20 

4.3.1  Fixed bearings: ........................................................................................................ 22 
4.3.2  Expansion bearings: ................................................................................................ 25 
4.3.3  Anchorage bolts: ..................................................................................................... 26 

4.3.3.1  Steel failure in tension: .................................................................................... 28 
4.3.3.2  Pullout failure in tension: ................................................................................ 29 
4.3.3.3  Concrete tensile breakout: ............................................................................... 30 
4.3.3.4  Concrete side-face blowout of a headed anchor in tension: ............................ 32 
4.3.3.5  Bond failure of adhesive anchor in tension: .................................................... 33 
4.3.3.6  Steel failure in shear: ....................................................................................... 34 
4.3.3.7  Concrete breakout of anchor in shear: ............................................................. 36 
4.3.3.8  Concrete pryout failure of anchor in shear: ..................................................... 39 

4.4  Deterioration of Seats and Caps: .................................................................................... 40 
4.4.1  Single column piers (Cantilevered piers): ............................................................... 41 
4.4.2  Multi column piers (bents): ..................................................................................... 43 
4.4.3  Abutments: .............................................................................................................. 45 

4.5  Deterioration of Concrete at end of Beam/Girders: ....................................................... 46 
4.5.1  Steel reinforced girders: .......................................................................................... 46 
4.5.2  Prestressed concrete girders: ................................................................................... 49 

5  . Corroded RC Concrete Column: 49 
5.1  Deterioration of Reinforced Concrete Bridge Columns: ................................................ 49 
5.2  Behavior of Corroded Reinforced Concrete Columns Subjected to Lateral Loading: .. 55 
5.3  Flexural Capasity: .......................................................................................................... 57 
5.4  Shear Capacity: .............................................................................................................. 66 
5.5  Lap Splices: .................................................................................................................... 69 

6  Inadequate Foundation Capacity: 74 



VI 
 

6.1  Introduction: ................................................................................................................... 74 
6.2  Spread footings: .............................................................................................................. 74 

6.2.1  Tilting of the footing due to a soil bearing failure: ................................................. 75 
6.2.2  Flexural yielding of footing reinforcement: ............................................................ 77 
6.2.3  Concrete shear failure of footing: ........................................................................... 79 
6.2.4  Bond failure of the main column steel: ................................................................... 83 

6.3  Pile footing: .................................................................................................................... 86 
6.3.1  Pile pullout: ............................................................................................................. 87 
6.3.2  Pile flexural and/or shear failure: ............................................................................ 88 

REFERENCES 91 

	
List of Figures 
Fig. 1: Consequences of corrosion on structural performance (Contecvet, 2000) .......................... 3 
Fig. 2: NYS Highway Bridge Conditions ....................................................................................... 3 
Fig. 3: Averaged (Pav) and maximum pit depth (Pmax) or maximum attack penetration ................ 5 
Fig. 4: Deterioration of a structure with time (Contecvet, 2000). ................................................... 5 
Fig. 5: Amount of corrosion for several environments (Val et al., 1998). ...................................... 6 
Fig. 6: Residual reinforcing bar section (Contecvet, 2000). ........................................................... 7 
Fig. 7: Decrease of bar area for Icorr= 1(μA/cm2) (Contecvet, 2000). ............................................. 8 
Fig. 8: Stress-strain diagram for corroded steel reinforcement (Du et al., 2005) ........................... 8 
Fig. 9: Four stages in the corrosion deterioration of CRC bridge elements. Additional stages are 
possible when the deterioration is more severe (Higgins et al., 2003). .......................................... 9 
Fig. 10: Hypothetical performance of a CRC structure through the four stages of deterioration 
(Higgins et al., 2003). ................................................................................................................... 10 
Fig. 11: Collapse of the link span at Tower E9 of the San Francisco Oakland Bay Bridge due to 
inadequate seat lengths and anchor bolts. (Loma Prieta earthquake, 1989) ................................. 11 
Fig. 12: Hwy 5 Overcrossing, pending unseating of PS girder. (Baja California Earthquake 
Clearinghouse Magnitude 7.2 on April 4, 2010) .......................................................................... 11 
Fig. 13: Showa Bridge collapse in 1964 Niigata earthquake (Moehle, 2000) .............................. 12 
Fig. 14: Shear failure of columns during the 1971 San Fernando earthquake (Moehle et al., 2000)
....................................................................................................................................................... 13 
Fig. 15: Shear failure of a column of Shinkansen bridge. 2004, Japan ........................................ 13 
Fig. 16: Diagonal shear crack in lightly reinforced concrete pier of the Wu Shu bridge in 
Taichung (Chi Chi earthquake, 1999) (Buckle) ............................................................................ 13 
Fig. 17: Shear failures at the base of piers due to inadequate shear reinforcement (Hyogoken–
Nanbu (Kobe, Japan) earthquake, 1995, Bruneau 1998) .............................................................. 14 
Fig. 18:  San Fernando Road Overhead damage due to insufficient flexural ductility in the 1971 
San Fernando earthquake (Moehle et al., 2000) ........................................................................... 14 
Fig. 19: Hanshin Expressway, Pier 46, damage in the 1995 Hyogo-Ken Nanbu earthquake due to 
insufficient flexural ductility (Moehle et al., 2000) ...................................................................... 14 
Fig. 20: Flexural failure due to lack of confinement at bottom of reinforced concrete piers 
(Hyogoken–Nanbu (Kobe, Japan) earthquake, 1995, Bruneau 1998) .......................................... 15 
Fig. 21: Higashi-Nada Viaduct collapse due to lap splice failure in the 1995 Hyogo-Ken Nanbu
....................................................................................................................................................... 15 
Fig. 22: Anchorage failure in column/footing joint (FEMA 451, 2006) ...................................... 16 



VII 
 

Fig. 23: Pull out of reinforcement (Saad et al. 2010).................................................................... 16 
Fig. 24: Different types of foundation failure (Saad et al. 2010) .................................................. 17 
Fig. 25: Collapse due to liquefaction (Saad et al. 2010) ............................................................... 17 
Fig. 26: Support Length, N, AASHTO ......................................................................................... 18 
Fig. 27: Typical fixed and expansion bearings (Lindquist 2008) ................................................. 20 
Fig. 28: Bridge bearing ................................................................................................................. 21 
Fig. 29: Anchor bolt corrosion inside the bearing, beneath the washer (Lindquist 2008) ............ 22 
Fig. 30: Rocking/force distribution mechanism in fixed bearings on concrete pedestals along 
longitudinal direction (Ghosh and Padgett 2010) ......................................................................... 23 
Fig. 31: Spalling and delamination of concrete due to corrosion in anchor bolts ........................ 25 
Fig. 32: Force distribution mechanism through the anchor bolt when the keeper plate strikes the 
rocker ............................................................................................................................................ 26 
Fig. 33: Steel failure in tension (ACI 318-11) .............................................................................. 28 
Fig. 34: Reduction in bolt cross-sectional area due to corrosion .................................................. 29 
Fig. 35: Pullout failure in tension (ACI 318-11)........................................................................... 30 
Fig. 36: Concrete tensile breakout (ACI 318-11) ......................................................................... 30 
Fig. 37: calculations of ANco, ANc for single anchors and group of anchors (ACI 318-11) ............ 32 
Fig. 38: Concrete side-face blowout and concrete splitting in tension (ACI 318-11) .................. 33 
Fig. 39: Bond failure of adhesive anchor in tension (ACI 318-11) .............................................. 34 
Fig. 40: Steel failure preceded by concrete spall (ACI 318-11) ................................................... 36 
Fig. 41: Concrete breakout in shear (ACI 318-11) ....................................................................... 37 
Fig. 42: corrosion in edge reinforcement to prevent Concrete breakout of anchor in shear ......... 39 
Fig. 43: Concrete pryout for anchors far from a free edge ........................................................... 40 
Fig. 44: Fracture of Bearing Seat (FHWA Bridge Maintenance, Rossow) .................................. 41 
Fig. 45: Reinforcement of a single column pier cap ..................................................................... 41 
Fig. 46: Crack pattern and concrete delamination due to corrosion ............................................. 42 
Fig. 47: Deterioration in concrete due to corrosion of steel reinforcement .................................. 42 
Fig. 48: Deterioration in concrete increase the risk of unseating during an earthquake ............... 43 
Fig. 49: Reinforcement of multi column pier cap ......................................................................... 44 
Fig. 50: Spalling and delamination of concrete pier cap (Bridge Inspection Manual 2010) ........ 44 
Fig. 51: Severe Concrete Spalling on Bent Cap (BIRM, Rossow) ............................................... 45 
Fig. 52: Deterioration of bridge abutment increase the risk of span unseating ............................ 45 
Fig. 53: Typical fixed steel bearing at an abutment (note seat cracking at the edge and corrosion 
of its reinforcements) (Padgett et al. 2006) ................................................................................... 46 
Fig. 54: Moderate Damage: Spalled concrete (WSDOT) ............................................................. 47 
Fig. 55: Deterioration of bridge girder increase the risk of span unseating during an earthquake 48 
Fig. 56: Deterioration of a concrete bridge pier due to corrosion of reinforcing steel bars 
(Aboutaha, 2004) .......................................................................................................................... 50 
Fig. 57: Deterioration of concrete bridge pier columns due to corrosion of rebars (Aboutaha, 
2004). ............................................................................................................................................ 50 
Fig. 58: Close-up of corroded column longitudinal and transverse rebars ................................... 51 
Fig. 59: Effect of corrosion of reinforcing steel bars on the surrounding concrete (Aboutaha, 
2004). ............................................................................................................................................ 51 
Fig. 60: Corrosion damaged rectangular concrete columns (Aboutaha, 2004). ........................... 52 
Fig. 61: Corroded longitudinal and transverse rebars for circular columns (Aboutaha, 2004). ... 53 



VIII 
 

Fig. 62: Corrosion damaged circular concrete columns. Notice that the main cracks are parallel to 
the columns’ main reinforcing steel bars (Aboutaha, 2004). ........................................................ 53 
Fig. 63: Deteriorated concrete bridge pier due to corrosion of rebars (Aboutaha, 2004). ............ 54 
Fig. 64: Corrosion damage of tall concrete bridge pier columns (Aboutaha, 2004) .................... 54 
Fig. 65: Load–deformation curves (influence of rebar corrosion) (RC-COR-1: 1st corrosion level, 
RC-COR-2: 2nd corrosion level, RC-COR-3: 3rd corrosion level) (Lee et al., 2003) ................... 55 
Fig. 66: Lateral load-displacement curve (Ma et al., 2012) .......................................................... 56 
Fig. 67: Push-over analysis of corroded bridge (Asri and Ou, 2011) ........................................... 57 
Fig. 68: Calculations of stress and strains for a given section and strain distribution .................. 60 
Fig. 69: Strain distributions corresponding to points on interaction diagram (Tapan and 
Aboutaha, 2008) ............................................................................................................................ 61 
Fig. 70: Deterioration cases included in the analysis (Tapan and Aboutaha, 2011) ..................... 61 
Fig. 71: Interaction diagram for pre-defined deterioration stages, where deterioration is on the 
compression side of the column section ....................................................................................... 62 
Fig. 72: Interaction diagram for pre-defined deterioration stages, where deterioration is on the 
tension side of side of the column section .................................................................................... 63 
Fig. 73: Interaction diagram for pre-defined deterioration stages, where deterioration is on the 
left side of the column section ...................................................................................................... 63 
Fig. 74: Interaction diagram for pre-defined deterioration stages, where deterioration is on all 
sides of the column section ........................................................................................................... 64 
Fig. 75: Interaction diagram for pre-defined deterioration stages, where deterioration is on the 
compression and left side of the column section .......................................................................... 65 
Fig. 76: Interaction diagram for pre-defined deterioration stages, where deterioration is on the 
tension and left side of the column section ................................................................................... 65 
Fig. 77: Plan view of concrete cracking in beam web due to corrosion for three different stirrup 
spacing; (a) 8-in, (b) 10-in, and (c) 12-in (Higgins et al., 2003) .................................................. 67 
Fig. 78: Effective depth of unsymmetrical section ....................................................................... 67 
Fig. 79: Information for calculating transverse and longitudinal indexes wt and wL: (a) 
membrane element; (b) beam cross section under shear, bending, and axial load; and (c) 
unsymmetrically reinforced sections. ........................................................................................... 68 
Fig. 80: Normalized shear strength curves (Rahal, 2000) ............................................................ 69 
Fig. 81: Conceptual model for damage due to corrosion in column specimens (Aquino and 
Hawkins, 2007) ............................................................................................................................. 71 
Fig. 82: Crack-damage pattern after corrosion and before cyclic load test. (Aquino and Hawkins, 
2007) ............................................................................................................................................. 71 
Fig. 83: Stress ratio of corroded bar to non-corroded bar ............................................................. 73 
Fig. 84: Modes of failure for spread footings (FHWA) ................................................................ 75 
Fig. 85: Delamination of concrete leading to decrease the length of footing ............................... 77 
Fig. 86: Reinforcement of footing in longitudinal and transversal directions .............................. 79 
Fig. 87: Effective anchorage length of longitudinal reinforcement (EHWA 2006) ..................... 85 
Fig. 88: Different types of foundation failure (Saad et al. 2010) .................................................. 87 
Fig. 89: stirrup area within the region of D (pile diameter) .......................................................... 91 
 
 
  



IX 
 

List of Tables 
Table 1: Corrosion intensities for several corrosive environments (Dhir et al., 1994). .................. 6 
Table 2: Percentage N by SDC and Acceleration Coefficient, As ................................................ 19 
Table 3: Strength reduction in different deterioration stages ........................................................ 66 
Table 4: Stress ratio of corroded bar to non-corroded bar ............................................................ 73 
 
 



1 
 
 

Seismic Evaluation and Retrofit of Deteriorated Concrete Bridge Components 

1 Introduction: 

Corrosion of steel bars in reinforced concrete structures is a major durability problem for bridges 
constructed in the New York State (NYS).  The heavy use of deicing salt compounds this 
problem.  Corrosion of steel bars results in loss of steel cross section, deterioration of bond 
between concrete and reinforcing bars, and more important, in most cases, it results in 
unsymmetrical concrete section that is susceptible to shear failure. 
 
Though earthquake frequency of occurrence and the expected ground accelerations in NYS is 
less than in western states, the potential for earthquake damage in or around NYS is still very 
real. Given the level of deterioration in many reinforced concrete bridges in NYS, they are 
considered very vulnerable to major damage during a moderate seismic event. 
 
There is an urgent need for proper detailed guide for analysis of deteriorated reinforced concrete 
bridge components that could assist structural engineers estimate the reserved strength of 
deteriorated bridges, and design cost-effective methods for retrofit. Proper evaluation and retrofit 
of existing deteriorated reinforced concrete bridges will limited the collapse of bridge during 
moderate seismic events in NYS and the surrounding states, and consequently save people’s 
lives. 
 
Fig. 1 shows the USGS National Seismic Hazard Map of the United States. According to this 
map, the USGS identifies NYS as a region of “low-to-moderate” seismic hazard (2008).  The 
graphic of NYS in Fig. 2 illustrates the peak ground accelerations (PGA) that have a 2% 
probability of being exceeded in 50 years.  According to this map, the NYC and Adirondack 
regions are more likely to get an earthquake than the center part of the state.  These figures 
illustrate the fact that the possibility of an earthquake is not solely a west coast concern.  Though 
the frequency of occurrence and the expected ground accelerations may be less, the potential for 
earthquake damage in or around NYS is still very real, (O’Connor, 2010). Given the level of 
deterioration in many reinforced concrete bridges in NYS, they considered very vulnerable to 
major damage during a moderate seismic event. 

Although the earthquake hazard is rated “low-to-moderate,” the risk in NYS can be high because 
of the potential consequences.  Although mild earthquakes occur regularly in and near NYS, and 
frequently go undetected, a moderate or strong one has the potential to disrupt operation of the 
highway system, cause injury, and result in major property damage.  For instance, a highly 
developed area like the NYC metropolitan region has many vital structures that carry a large 
amount of traffic.  Considerable damage to any of these structures has potential to severely 
disrupt traffic and impede recovery from an earthquake.  Recognition of this risk is the 
motivation behind this proposed research project.  
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Fig. 1 United States Seismic Hazard Map (USGS) 
(http://www.usgs.gov) 

 

 

Fig. 2 New York State’s Seismic Hazard (USGS) 
(http://earthquake.usgs.gov/regional/states/new_york/hazards.php) 
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Bridges are considered “structurally deficient,” according to the FHWA, if significant load 
carrying elements are found to be in poor or worse condition due to deterioration and/or damage, 
the bridge has inadequate load capacity, or repeated bridge flooding causes traffic delays. The 
fact that a bridge is "structurally deficient" does not imply that it is unsafe or likely to collapse. A 
"structurally deficient" bridge, when left open to traffic, typically requires significant 
maintenance and repair to remain in service and eventual rehabilitation or replacement to address 
deficiencies. In order to remain in service, structurally deficient bridges are often posted with 
weight limits (NYSDOT). 
 
“Functionally obsolete” refers to a bridge’s inability to meet current standards for managing the 
volume of traffic it carries, not its structural integrity. For example, a bridge may be functionally 
obsolete if it has narrow lanes, no shoulders, or low clearances (NYSDOT). 
 
The New York State requires all highway bridges to be inspected at least every two years, 
moreover, it is one of the few states in the USA that requires bridge inspectors headed by 
licensed professional engineers who have undergone specific training. These inspectors must 
assess all individual parts of each bridge, evaluate, assign a condition score, and document the 
condition of up to 47 structural elements, including rating 25 components of each span of a 
bridge, in addition to general components common to all bridges.  The rating scale usually 
ranges from 1 to 7, with a rating of 5 and greater considered as good condition, and a rating of 7 
considered as new condition (NYSDOT). 
 

2.1 Corrosion Rates: 

2.1.1 Definition:  

The corrosion rate of a metal is defined as the metal loss per unit of surface and time 
  

ܴܥ ൌ
metal	loss
surface. time

 

Units: 

The units of the above equation can be expressed in (g/cm2.year) but are usually presented using 
one of the two following methods: 
 

1) In µm/year or mm/year, as attack penetration depth, either localized or uniform, that 
can be computed from the metal mass loss through the metal density which allows Px 
to be calculated in µm or mm. Fig. 5 (Contecvet, 2000). 
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Fig. 5: Averaged (Pav) and maximum pit depth (Pmax) or maximum attack penetration 
(Contecvet, 2000) 

 
2)  In µA/cm2, using Faraday’s Law: 

  
I. t
F
ൌ

Dw
Wm/Z

 

Where: 
I = electrical current in Amperes 
t = time in seconds 
F = Faraday’s constant (96500 coulombs) 
Dw = mass or weight loss in grams 
Wm = molecular weight of the metal 
Z = valence exchanged 
 

Faraday’s law converts mass units in electrical units. However, the equivalence between the two 
methods of expressing the corrosion rate is as follows: 

1µA/cm2 11.6µm/year (Contecvet, 2000). 
 

This research study will consider different corrosion amounts to represent the effect of different 
corrosion rates for different types of environments. These corrosion amounts can be converted to 
deterioration time for given corrosion rates. Fig. 6, however, shows the relationship between 
deterioration of a reinforced concrete structure and time. 
 

 

Fig. 6: Deterioration of a structure with time (Contecvet, 2000). 
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Moreover, Fig. 7 shows the amount of corrosion for several corrosive environments for a number 
9 bar Val et al. (1998), these corrosive environments are low, moderate, and high. On the other 
hand, Dhir et al. (1994) suggested the different corrosion rates based on the condition of the 
environment, as shown in Table 1. 
 

 

Fig. 7: Amount of corrosion for several environments (Val et al., 1998). 

 
Table 1: Corrosion intensities for several corrosive environments (Dhir et al., 1994). 

Type of 
Corrosive 

Environment

Corrosion 
Intensities 
(μA/cm2) 

Low 0.1 
Moderate 1 

High 10 
 

2.1.2 Measurement: 

The amount of metal which goes into oxides by unit of reinforcement, surface, and time is 
usually given by the measurement of the corrosion current Icorr

rep. While the cracking of the 
concrete cover and the loss in bond between steel and concrete are due to the amount of oxides 
produced, the load-carrying capacity is a result of the decrease in the steel cross-section area. 
Thus, the corrosion rate is considered to be an indication of the rate of decrease of the load-
carrying capacity of the structure (Contecvet, 2000). 
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There are many electrochemical and non-destructive methods to measure the corrosion rate of 
reinforcing steel in existing structures. Some of methods for assessing corrosion of reinforcing 
steel on existing structures are: 
 

1. Open circuit potential (OCP) measurements 
2. Surface potential (SP) measurements 
3. Concrete resistivity measurement 
4. Linear polarization resistance (LPR) measurement 
5. Tafel extrapolation 
6. Galvanostatic pulse transient method 
7. Electrochemical impedance spectroscopy (EIS) 
8. Harmonic analysis 
9. Noise Analysis 
10. Embeddable corrosion monitoring sensor and 
11. Cover thickness measurements 
12. Ultrasonic pulse velocity technique 
13. X-ray, Gamma radiography measurement 
14. Infrared thermograph Electrochemical 
15. Visual inspection (Song et al., 2007) 

2.2 Effect of Corrosion on Reinforcing Bars: 

The influence of Corrosion of reinforcing on the cross section differs widely based on the 
characteristics of the aggressive agent. The homogeneous attack penetration occurs in carbonated 
concrete, while the localized attack produced by chlorides is known as pitting, which produces a 
major section decrease as shown in Fig. 8. After obtaining the depth of the attack penetration, the 
residual bar diameter can be computed by means of the following expression: 

ϕ୲ ൌ 	ϕ଴ െ αP୶  Eq. 1  

Where α is the coefficient that depends on the type of attack. When homogeneous corrosion 
occurs, α is equal to 2. However, when localized corrosion occurs, α may reach values up to 10. 
A conservative value of the residual section at pits can be also predicted by the above expression 
(Contecvet, 2000). 
 

 
Fig. 8: Residual reinforcing bar section (Contecvet, 2000). 
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 corrsos QAA  01.01   Eq. 3 

Where: 

As = average cross-sectional area of corroded reinforcement 

Aso = initial cross-sectional area of non-corroded reinforcement 

And the amount of corrosion of reinforcement (%) can be computed as: 

t
d

I
Q corr

corr  046.0   Eq. 4 

Where: 
Icorr = corrosion rate of reinforcement in the real structure (μA/cm2) 
d = diameter of non-corroded reinforcement (mm) 
t = time elapsed since the initiation of corrosion (years) 

2.4 Deterioration Stages: 

Fig. 11 shows the four damage stages that the inspection of usually focuses on (Higgins et al., 
2003). In the first stage (Stage I), the chloride is placed on the structure surface and spreads to 
the depth of the reinforcing steel to start corrosion. The second stage (Stage II) is the period 
during which corrosion diffuses, causing surface manifestations of corrosion such as cracking of 
the concrete and rust staining of the structure. Stage III usually starts when the reinforcing steel 
becomes more accessible to the corrosive environment causing structural deterioration (cracking 
and delamination), and corrosion continues at a faster rate allowing more loss of steel cross-
section. Stage IV is linked by spalling of the concrete allowing a full exposure of the reinforcing 
steel to the corrosive environment (Higgins et al., 2003). More extreme damage stages would 
include loss of bond between the reinforcing steel and the core concrete, diagonal cracking of the 
core concrete, and failure of the structural steel (Higgins et al., 2003). After performing a study 
on  the Alsea Bay Bridge (Oregon), Tinnea and Feuer (1985) suggested that in stages III and IV 
reinforcing steel corrosion rates may be similar(Higgins et al., 2003). 

 

Fig. 11: Four stages in the corrosion deterioration of CRC bridge elements. Additional stages are 
possible when the deterioration is more severe (Higgins et al., 2003). 
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Fig. 12 shows the progress of a hypothetical CRC bridge through the first four damage stages as 
a function of structure performance. Stage I is reasonably well understood and can be quantified 
for well characterized concretes using Fick’s law of diffusion. However, structure environment 
interactions that affect this analysis, involving salt deposition, precipitation washing, and cyclic 
wetting and drying effects over a variety of structure microclimates, are much less well 
understood (Higgins et al., 2003). 

 

Fig. 12: Hypothetical performance of a CRC structure through the four stages of deterioration 
(Higgins et al., 2003). 

3 Common Earthquake Failure Mechanisms: 

3.1 Introduction: 

The Federal Highway Administration FHWA considers the following bridge components to be 
more vulnerable to seismic damage than others: 
• Connections, bearings, and seats (support lengths). 
• Piers, columns and foundations. 
• Abutments. 
• Soils. 
Moreover, FHWA considers connections, bearings and inadequate seat length to be the most 
common reason for bridge collapse, and the least costly to fix. 
Saad et al., 2010, address the following most common earthquake failure mechanisms. 

3.2 Unseating (most common):  

This failure occurs in the superstructure and it is usually a result of the large displacements 
encountered during an earthquake and it is the most common failure mechanism (Saad et al. 
2010). The unseating and collapse of bridge spans is due to excessive longitudinal movement at 
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in-span hinges, supports, or expansion joints. Span Collapse of bridges from around the world 
during past earthquakes has shown the vulnerability of bridges to this mode of collapse 
(Brunsdon et al. 2000, Kawashima et al. 1996). Bridges have collapsed due to unseating in many 
earthquakes such as the Niigata earthquake in 1964 (Japan), San Fernando Earthquake in 1971, 
Loma Prieta earthquake in 1989, Northridge earthquake in 1994, Kobe earthquake in 1995 
(Japan), Chi-Chi earthquake in 1999 (Taiwan), and Kocaeli Earthquake in 199 (Turkey) (Padgett 
et al. 2008). 
 

 

Fig. 13: Collapse of the link span at Tower E9 of the San Francisco Oakland Bay Bridge due to 
inadequate seat lengths and anchor bolts. (Loma Prieta earthquake, 1989) 

 

 

Fig. 14: Hwy 5 Overcrossing, pending unseating of PS girder. (Baja California Earthquake 
Clearinghouse Magnitude 7.2 on April 4, 2010) 
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Fig. 15: Showa Bridge collapse in 1964 Niigata earthquake (Moehle, 2000) 

 
Unseating of a span usually occurs due an earthquake as a result of inadequate support length. 
When the relative horizontal displacement at the deck exceeds the support at the intermediate 
hinge or abutment, the girder can deck can unseat and collapse (DesRoches et al. 2001). This is 
because many bridges are designed according to older seismic codes and do not provide adequate 
seat width. Even though that many of older bridges have been retrofitted using hinge restrains, 
some bridges during the 1989 Loma Prieta earthquake experienced several cases of hinge 
restrainer failures (Saiidi et al. 1993). Moreover, the 1994 Northridge earthquake caused many 
bridges that have been retrofitted with restrains to collapse due to unseating (Moehle 1995).   
However, deterioration of the concrete bridge pier caps can lead to a shortening in the support 
length which, in turn, leads to a catastrophic collapse of the bridge span. Also, concrete 
deterioration and spalling due to corrosion of steel reinforcement at the end of girders can result 
in unseating of bridge deck. Corrosion in bearing systems or existing retrofitting systems can 
also be a real concern regarding unseating. Corrosion in superstructure elements that leads to 
unseating during an earthquake will be discussed in detail in the following chapters.  

3.3 Column Shear: 

 Shear failure has been a common mode of failure of RC bridge columns in many earthquakes. 
Inadequate transverse reinforcement, especially those with large spacing, cause this type of 
failure. Shear failure happens at relatively low structural displacements; it may occur even before 
yielding of longitudinal reinforcement. In general, inelastic loading cycles decrease shear 
capacity of columns alternatively which results in shear failure after flexural yielding (Moehle et 
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al., 2000). Shear load capacity of columns might decrease by corrosion faster than flexural load 
capacity, because transverse reinforcement has less concrete cover than longitudinal one, which 
may start to corrode first (Webster, 2000). Shear capacity of corroded RC column is discussed 
further in Chapter 7. 
 

 

Fig. 16: Shear failure of columns during 
the 1971 San Fernando earthquake (Moehle 
et al., 2000) 

 

Fig. 17: Shear failure of a column of 
Shinkansen bridge. 2004, Japan, (Moehle 
et al., 2000). 

 

Fig. 18: Diagonal shear crack in lightly reinforced concrete pier of the Wu Shu bridge in 
Taichung (Chi Chi earthquake, 1999) (Buckle) 
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Fig. 19: Shear failures at the base of piers due to inadequate shear reinforcement (Hyogoken–
Nanbu (Kobe, Japan) earthquake, 1995, Bruneau 1998) 

3.4 Column Flexural Capacity:  

For an ideal designed concrete column subjected to lateral load, mode of failure is flexural. 
However, even if most of the inelastic action is flexural, insufficient flexural ductility, usually 
due to little confinement, may lead a column not be able to maintain the imposed flexural 
deformations (Moehle et al., 2000). Fig. 20 to Fig. 22 are examples of failure of columns due to 
inadequate flexural capasity. Flexural capacity of corroded column decreases due to deterirated 
concrete cross-section and reduced steel bar area. Furthermore, corrosion of transverse 
reinforcement reduces the modulus of elasticity of steel bar and as a result, the confinment rate 
decreases. There fore, corroded RC column may not be able to develop the full flexural capacity. 
Flexural capacity of corroded RC column is discussed further in Chapter 7. 
 

       
  

Fig. 20:  San Fernando Road Overhead damage 
due to insufficient flexural ductility in the 1971 
San Fernando earthquake (Moehle et al., 2000) 

Fig. 21: Hanshin Expressway, Pier 46, damage 
in the 1995 Hyogo-Ken Nanbu earthquake due 
to insufficient flexural ductility (Moehle et al., 
2000) 
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Fig. 22: Flexural failure due to lack of confinement at bottom of reinforced concrete piers 
(Hyogoken–Nanbu (Kobe, Japan) earthquake, 1995, Bruneau 1998) 

3.5 Inadequate Reinforcing Embedment and Laps 

Lap splice failure of RC bridge columns may occur due to short length or poor confinement. 
Location of splices is often above a footing, where there is a potential plastic hinge region with 
high flexural demand. The splices may not be able to develop the flexural capacity of the column 
because of poor detailing and they may be more vulnerable to shear failure (Moehle et al., 2000). 
Furthermore, high longitudinal ratio, large bar size, high yield strength of longitudinal 
reinforcement, small spacing between vertical bars and inadequate concrete cover increase 
vulnerability of lap splices (Preistley et al., 1996). Lap splice failure occurs because of loss of 
bond; since corrosion decrease bond between steel bars and concrete significantly, it may 
facilitate this type of failure. Lap splice failure of corroded RC column is discussed further in 
Chapter 7. 

 

Fig. 23: Higashi-Nada Viaduct collapse due to lap splice failure in the 1995 Hyogo-Ken Nanbu 

Insufficient anchorage of the longitudinal reinforcement at the top of a column at the connection 
with the bent cap or at the bottom of a column at the connection with the foundation, may result 
in RC bridge column failure (Moehle et al., 2000). In order to ensure ductile frame behavior, 
anchorage failure must be prevented. Fig. 23 shows an anchorage failure of a bridge column 
(1971, San Fernando earthquake). 
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Fig. 24: Anchorage failure in column/footing joint (FEMA 451, 2006) 

Anchorage is extremely important to assure adequate post yield response. Requirements for rebar 
anchorage (such as 135 degree hooks) are intended to maintain the integrity of the design. If all 
required detailing is provided for anchoraged bar, deterioration of steel, concrete or both in 
worse case lead the bars to pull out during earthquake. It means that, if corrosion level is too high 
that pull out occurs, anchoraged bars can be considered as straight bars and evaluate like spliced 
bars.   
 

 

Fig. 25: Pull out of reinforcement (Saad et al. 2010). 

 

3.6 Inadequate Foundation Capacity 

The strength and stiffness of the foundation system of a bridge (abutments/piers, footings, and 
piles) usually control the bridge behavior during seismic events (FHWA). It is generally difficult 
to inspect the deterioration of the foundation of a bridge. This is because such an activity 
requires excavation above and around the footing and piles in order to visually inspect their 
integrity. However, tilting of a pier, sloughing of the fill around a footing, and flexural cracking 
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of the column could be signs that bridge foundations are deteriorated or that there is a risk of 
foundation failure during an earthquake. 
O’Conner 2010 suggested that the mode of failure is dependent on the type of soil as well as the 
detail of foundation. 
The different types of foundation failure will be discussed in detail in the coming chapters.  
 

 

Fig. 26: Different types of foundation failure (Saad et al. 2010) 

 

 

Fig. 27: Collapse due to liquefaction (Saad et al. 2010) 

 

4 Unseating: 

4.1 Introduction: 

Unseating is the most common earthquake failure mechanism. This mode of failure occurs 
during an earthquake as a result of inadequate support length. Moreover, the Federal Highway 
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Administration (FHWA) considers connections, bearings and inadequate seat length to be the 
most common reason for bridge collapse, and the least costly to fix. The presence of corrosion 
increases the risk of span collapse during seismic events. High levels of corrosion in bridge seats 
and girders cause concrete to crack and spall which results in decreasing the support length or the 
length of the girder seated on the support. In addition, corrosion of steel bearings and anchor 
bolts decreases their strength to resist horizontal movements which can result in a catastrophic 
collapse of the bridge span. 

4.2 Minimum Support Length Requirements: 

During the San Fernando Earthquake, 1971, Most of the bridges collapsed due to the loss of 
supports at bearing seats and/or expansion joints, which called unseating. Unseating is the most 
common reason that causes failure of bridge super structure due to seismic loadings. Unseating 
usually occurs at movement joints due to large inelastic displacements (Itani and Liao, 2003). 
However, under Bridge Seat Extension, NYSDOT LRFD Bridge Design Specifications 2011 
states that “The bridge seat width shall satisfy the Minimum Support Length requirements given 
under AASHTO 4.7.4.4 Minimum Support Length Requirements. This requirement is applicable 
for support lengths considering the skew effect, parallel as well as normal to the span length. 
When these requirements are not met, shear blocks or restrainers as given in the current version 
of FHWA's "Seismic Retrofitting Manual for Highway Structures: Part 1 – Bridges" shall be 
provided to prevent the superstructure from falling off the bridge seat”. 
AASHTO requires a minimum support length that needs to be provided for girders supported on 
an abutment, bent cap, pier wall, or a hinge seat within a span as shown in Fig. 28. 

 

Fig. 28: Support Length, N, AASHTO 
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AASHTO Guide Specifications for LRFD Seismic Bridge Design states that in Seismic Design 
Categories SDC A, B, and C, support length at expansion bearings without shock transmission 
units (STUs) or dampers shall be considered to either accommodate the greater of the maximum 
calculated displacement, except for bridges in SDC A, or a percentage of the empirical support 
length, N, specified by 
 
 Error! Reference source not found..  
 
The percentage of N, applicable to each SDC, shall be as specified in  
Table 2. 
 
Where: 
N = minimum support length measured normal to the centerline of bearing (in.) 
L = length of bridge deck to the adjacent expansion joint, or to the end of the bridge deck; for     
hinges within a span, L shall be the sum of the distances to either side of the hinge; for single-
span bridges, L equals the length of the bridge deck 
H = for abutments, average height of columns supporting the bridge deck from the abutment to 
the next expansion joint (ft) 
for columns and/or piers, column, or pier height (ft) 
for hinges within a span, average height of the adjacent two columns or piers (ft) 0.0 for single-
span bridges (ft) 
S = angle of skew of support measured from a line normal to span (o) 

 

Table 2: Percentage N by SDC and Acceleration Coefficient, As 

 
 
Minimum support length provisions provided above are equivalent to the AASHTO LRFD 
Bridge Design Specifications Article 4.7.4.4. 
Support lengths are equal to the length of the overlap between the girder and the seat as shown in 
Fig. 28. The minimum values for N given in the above equation include an arbitrary allowance 
for cover concrete at the end of the girder and face of the seat. If above average cover is used at 
these locations, N should be increased accordingly (AASHTO Guide Specifications for LRFD 
Seismic Bridge Design). 

SDC
 Acceleration
Coefficient, As Percentage N

A

A

B

C

0.05 75

0.05

All applicable

All applicable

100

150

150
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For bridges in SDC D, hinge seat or support length, N, shall be available to accommodate the 
relative longitudinal earthquake displacement demand at the supports or at the hinge within a 
span between two frames and shall be determined as: 

N = (4 + 1.65Δeq)(1+0.000125S2)  Eq. 5 

Where: 
Δeq: seismic displacement demand of the long period frame on one side of the expansion joint 
(in.). The elastic displacement demand shall be modified according to the AASHTO Guide 
Specifications for LRFD Seismic Bridge Design Articles 4.3.2 and 4.3.3. 
S = angle of skew of support measured from a line normal to span (o) 
The skew effect multiplier, (1+0.000125S2), may be set equal to 1 when the global model of the 
superstructure is modeled to include the full width and the skew effects on the displacement 
demands at the outer face of the superstructure (AASHTO Guide Specifications for LRFD 
Seismic Bridge Design). 
The minimum support length required by the AASHTO Guide Specifications for LRFD Seismic 
Bridge Design must be provided and deteriorated bridge component that might cause an 
unseating mode of failure must be retrofitted. However, corrosion of steel and deterioration of 
concrete in the following bridge elements can cause the bridge to collapse due to unseating. 

- Corrosion of connections, bearings, and seats 
- Deterioration of seats and caps 
- Deterioration of concrete at end of beam/girder 
-  

4.3 Corrosion of Connections and Bearings: 

A bridge bearing is a superstructure device that provides an interface between the superstructure 
and the substructure. They are used to transmit loads from the superstructure (beams and girders) 
to the substructure (bents, abutments and piers), while facilitating translation and/or rotation. 
There are many types of bearings but they are generally classified as expansion or fixed as 
shown in Fig. 29. Expansion bearings are designed to allow horizontal movement as the 
beam/girder expands, contracts, or moves. They are designed to slide, rock, roll, or deflect along 
with the beam/girder’s motion. Fixed bearings are designed to allow rotation caused by the loads 
on the superstructure, they do not allow horizontal movements. Note that expansion bearings 
also allow rotation. 
 

                    

Fig. 29: Typical fixed and expansion bearings (Lindquist 2008) 
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According to the Bridge Inspector’s Reference Manual (BIRM), a bearing consists of four basic 
elements as follows: 

- Sole Plate: The sole plate is a steel plate attached to the bottom of girders or beams or 
imbedded into the bottom flange of a prestressed concrete girder. In cases of concrete 
beams, girders, or slabs, the bottom surface can also work as a sole plate. 

- Masonry Plate: The masonry plate is a steel plate attached to the bearing seat of an 
abutment of pier. The main function of a masonry plate is to distribute vertical loads from 
the bearing to the abutment or pier. 

- Bearing or Bearing Surface: The main purpose of the bearing surface is to transmit 
loads from the sole plate to the masonry plate.  

- Anchorage: The anchorage is the anchor bolts that connect the masonry plate to the 
abutment or girder. Their main function is to prevent the horizontal movement of the 
masonry plate. As shown in Fig. 30. 
 

 

Fig. 30: Bridge bearing 

In severs environments, bridge components such as Reinforced concrete columns and steel 
bridge bearings are subjected to chloride induced corrosion which is considered a potential form 
of environmental degradation (Enright and Frangopol 1998, Stewart and Rosowsky 1998, 
Montemor et al. 2002, Hoeke et al. 2009, Ghosh and Padgett 2010). With age, this corrosion 
causes deterioration of bridges in several ways, such as spalling of concrete, buildup of debris 
leading to corrosion of steel bearings, and corrosion of steel reinforced concrete members 
(Ghosh and Padgett 2010). Bridge bearing are subjected to corrosion because of the leaking of 
chloride-laden water at deck joints (Silano and Brinckerhoff 1993). The corrosion debris 
accumulation will increase bearing coefficient of friction, also corrosion of anchor bolts and 
keeper plates will result in a failure of the bridge bearing system (Ghosh and Padgett 2010). 
However, a failure in the bridge bearing system does not necessarily mean a total collapse of a 
span, in fact, this is a relatively rare event. For example, the toppling or failure of individual 
bearings will not necessarily lead to collapse if the bearing seats are wide enough to catch the 
superstructure (FHWA 2006). 
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Corrosion of bearing systems usually results in frozen or locked bearings due to excessive 
corrosion products, such as dirt, and debris, this may potentially restrict translational and 
rotational movement as a result of increased coefficient of friction (Silano and Brinckerhoff 
1993). In addition, corrosion in keeper plates (bearing surface) and in anchor bolts. This could 
result in shift in performance during an earthquake bolts (Ghosh and Padgett 2010). The most 
critical parts in the corroded bearing system are the bearing anchor bolts, in fact, they are 
considered to be a “weak link” in the force transmission system from the superstructure to the 
substructure during ground motion (Mander et al. 1996). Moreover, according to the studies 
conducted by Rashidi and Saadeghvaziri (1997) and Mander et al. (1996), the critical stiffness of 
a steel bearing assembly is the stiffness of the anchor bolts connected to the concrete base. These 
bolts are used in both fixed and expansion bearing systems. This will be discussed in detail. Fig. 
31 shows a corroded anchor bolt. 
 

 

Fig. 31: Anchor bolt corrosion inside the bearing, beneath the washer (Lindquist 2008) 

4.3.1 Fixed bearings: 

As mentioned above, fixed bearing restrict horizontal movements, however, when corrosion 
starts, it decreases the ultimate lateral strength of the bearing. Fig. 32 shows the arrangement and 
distribution of forces for a typical fixed bearing along the longitudinal direction (Ghosh and 
Padgett 2010). 
The ultimate lateral strength for the fixed bearing in the longitudinal direction can be calculated 
using the free-body diagram and the equilibrium equations (Ghosh and Padgett 2010). This 
strength will decrease over time with the presence of corrosion. 
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Fig. 32: Rocking/force distribution mechanism in fixed bearings on concrete pedestals along 
longitudinal direction (Ghosh and Padgett 2010) 

From the equilibrium of the horizontal forces, the ultimate lateral strength in the longitudinal 
direction can be calculated as (Ghosh and Padgett 2010): 

௨௟௧ܨ ൌ ܵߙ ൅  Eq. 6  ܸߤ

 
The compression force on the concrete pedestal can be calculated from the equilibrium of forces 
in the vertical direction: 

ܸ ൌ ܰ ൅  Eq. 7  ܤߙ

And by taking the equilibrium of moments about the center of the concrete pedestal, it can be 
written that: 

௨௟௧݄ܨ ൌ ܸ ቀ
௪೗ି௔

ଶ
ቁ  Eq. 8 

Where:  
Fult = ultimate lateral strength of the bearing in the longitudinal direction 
α = number of anchor bolts 
S = shear force on one anchor bolt 
µ = coefficient of friction between masonry plate and bedding material 
V = compression force on the concrete pedestal due to rocking 
N = axial load on the bearing 
B = bond strength of the swedged anchor bolt in the concrete pedestal 
h = height of the bearing from the concrete pedestal to the sole plate-rocker interface 
wl = width of masonry plate in the longitudinal direction 
a = depth of pedestal concrete stress block and is equal to  

ܽ	 ൌ
௏

଴.଼ହ௙೎
ᇲ௪೟

  Eq. 9 

Where: 
f’c = concrete compressive strength 
wt = width of masonry plate in the transverse direction (Ghosh and Padgett 2010) 
However, the bond strength of the anchor bolt can be calculated as (Mander et al. 1996): 

ܤ ൌ ܾ௨ሺ݀ߨ௕ሻ݈ௗ Eq. 10 

Where: 
B = bond strength of the anchor bolt 
bu = kba = bond stress that is assumed to act uniformly on the anchor bolt surface with diameter 
db over the embedment length  ld 

db = diameter of anchor bolt 
ld = embedment length 
ba = average bond stress over the length of the anchor bolt 
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k = modification or judgment factor often imposed to account for reduced bearing capacity of the  
anchor bolts and adverse effects of cyclic loading  
Using the above equations, the ultimate lateral strength of the bearing in the longitudinal 
direction can be expressed as (Ghosh and Padgett 2010): 

ிೠ೗೟
ே
ൌ ଴.ହ௪೗

௛
൤ቀ1 ൅ ఈ஻

ே
ቁ െ ே

଴.଼ହ௙೎
ᇲ௪೗௪೟

ቀ1 ൅ ఈ஻

ே
ቁ
ଶ
൨ Eq. 11 

 
Corrosion reduces the cross-sectional area of the anchorage bolts. In addition, it decreases the 
bond strength between anchors and concrete. This will reduce the bolts resistance to shear force 

transmitted through the bearing masonry plate. 
ிೠ೗೟
ே
ൌ ଴.ହ௪೗

௛
൤ቀ1 ൅ ఈ஻

ே
ቁ െ ே

଴.଼ହ௙೎
ᇲ௪೗௪೟

ቀ1 ൅ ఈ஻

ே
ቁ
ଶ
൨

 Eq. 11 shows that the ultimate strength of the bearing is related to the bond strength, 
diameter of the anchorage bolt, and width of the masonry plate in both directions. Therefore, 
corrosion of the anchorage bolts or of the masonry plate will decrease the ultimate lateral 
strength of the bearing system increasing the risk of a fixed bearing failure, which, in turn, will 
lead to unseating collapse of the bridge. 
 
Also, this will reduce the bond strength of the anchor bolts. Moreover, the extra stress caused by 
the corroded anchor bolts cause deterioration in the surrounding concrete. Spalling and 
delamination of concrete will reduce the seat length required by AASHTO as shown in Fig. 33, 
which in turn will increase the risk of span collapse due to unseating when the bridge undergoes 
seismic loads. Also, the reduction in the cross-sectional area of the bolts due to corrosion will 
lead to reduction in the ultimate lateral strength in the deteriorated bearing, which can cause a 
failure of the bearing system. This will allow the span to move horizontally and may cause a total 
collapse of the span if the support length is less than required. 
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Fig. 33: Spalling and delamination of concrete due to corrosion in anchor bolts 

Also, corrosion of anchor bolts will decrease the cross-section of the bolts, which in turn will 
decrease the shear strength of the anchor bolts, and the bolts will fail and no longer be able to 
transmit loads from the bearing to the seat. This will allow the bridge girder to undergo large 
horizontal displacements that exceeds the design limits because the fixed bearing will not be able 
to restrict horizontal movements. This will also increase the risk of span collapse due to 
unseating. Modes of failure of anchorage bolts will be discussed later. 
 

4.3.2 Expansion bearings: 

Expansion bearings, also called rocker bearings, allow motion in the longitudinal direction. This 
motion is mainly rocking. The ultimate lateral strength of expansion bearings is reliant on the 
rocking friction coefficient of the bearing (Ghosh and Padgett 2010). This coefficient of rocking 
friction varies from 0.04 for clean well worn rocker bearings to 0.12 for severely corroded 
bearings which takes into account the locking effect (Mander et al. 1996). When the horizontal 
frictional force exceeds the frictional resistance of the interface between the sole plate and the 
rocker, the sole plate slides on the rocker until the rocker bearing strikes the keeper plate 
provided to prevent excess transverse motion. If additional horizontal load is applied, the keeper 
plate bends significantly and fails by tearing of the fillet weld securing the plate (Mander et al. 
1996, Ghosh and Padgett 2010). Fig. 34 shows the free body-body diagram for this case. The 
rocker strikes the keeper plate with a force P, this force gets transmitted through the anchor bolts 
in the form of shear forces S1 and S2.  

Delamination  Cracks

Delamination
  Cracks

Risk of unseating

Corroded anchor bolts
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Fig. 34: Force distribution mechanism through the anchor bolt when the keeper plate strikes the 
rocker. 

In the absence of corrosion in the anchor bolts, anchor bolts with 25 mm cross-section diameter 
size provide shear strength which is sufficient enough to transmit the forces. In this case the 
failure of the bearing is controlled solely by the tearing of the keeper plate. On the other hand, 
when the bolts are corroded, the cross section area of the bolts decrease, this will also decrease 
the shear strength of the bolts will be no longer able to transmit the forces when the rocker hits 
the keeper plate (Ghosh and Padgett 2010).  
When the anchor bolts are not subjected to corrosion, as mentioned above, the keeper plate will 
determine the failure of the bearing assembly. If the keeper plate is subjected to corrosion, the 
failure is most likely will going to be governed by the tearing of the keeper plate. Komp 1987 
suggested an empirical model to calculate the average corrosion penetration to the steel keeper 
plate as follows: 

ሻݐሺݕ ൌ  ொ  Eq. 12ݐܲ

Where: 
Y(t) = average corrosion penetration in micrometers 
t = time in years 
P and Q = parameters determined from regression analysis of field experimental data and usually 
are determined based on field tests. 
 

4.3.3 Anchorage bolts: 

Anchorage bolts transfer loads from the bearing system to the pier/abutment cap. Therefore, any 
reduction in their capacity that causes failure can result in unseating of the bridge superstructure. 
Anchorage bolts are subjected to shear and tensile forces during an earthquake. The tensile and 
shear forces are due to the horizontal force and bending moment transferred from the bearing. 
AASHTO states that “connections shall resist the least favorable combination of loads at the 
strength limit state and shall be installed wherever deemed necessary to prevent separation”. This 
is because separation can cause a severe movement of the bridge span which leads to unseating 
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during seismic events. AASHTO also requires the girders to be securely anchored to the 
substructure, and recommends the usage of cast in substructure concrete anchors when possible, 
(Article 14.8.3.1). This is because this type of anchors is more capable of resisting pullout than 
post installed anchors. In addition, it is recommended that anchor bolts are swedged or threaded 
to secure an adequate grip upon the material used to embed them in the holes (Article 14.8.3.1). 
However, shear in the fastener as well as bearing upon the connected material usually resist the 
load in bolted bearing-type connections, also, some uncertain amount of friction between the 
faying surfaces. Either shear failure of the connectors, tear out of the connected material, or 
unacceptable ovalization of the holes will control the final failure. Final failure load is 
independent of the clamping force provided by the bolts (Kulak et al., 1987), (AASHTO Article 
6.13.2.1). 
 
AASHTO Article 6.13.2.10 requires the nominal tensile resistance of a bolt, Tn, independent of 
any initial tightening force to be taken as: 

௡ܶ ൌ  ௨௕  Eq. 13ܨ௕ܣ0.76

where: 
Ab = area of bolt corresponding to the nominal diameter (in.2) 
Fub = specified minimum tensile strength of the bolt specified in Article 6.4.3 (ksi) 
From the equation above, it can be seen that the nominal tensile resistance of a bolt is controlled 
by the area of the bolt and the specified minimum tensile strength. Corrosion decrease the area of 
the bolt as well as the tensile strength as discussed in the previous chapter, this in turn decreases 
the nominal tensile resistance of the bolt. However, since shear failure will most likely control 
the failure of a bolt during an earthquake. Tensile failure of bolts is not very critical. 
The nominal shear resistance of an ASTM F1554 or an ASTM A307 Grade C anchor bolt at the 
strength limit state, according to AASHTO Article 6.13.2.12, shall be taken as: 
Where threads are included in the shear plane: 

ܴ௡ ൌ ௨௕ܨ௕ܣ0.48 ௦ܰ  Eq. 14 

where: 
Ab = area of bolt corresponding to the nominal diameter (in.2) 
Fub = specified minimum tensile strength of the bolt specified in Article 6.4.3 (ksi) 
Ns = number of shear planes per anchor bolt 
Corrosion, as mentioned above, decrease the area of the bolt as well as the tensile strength 
leading to a decrease in nominal shear resistance of a bolt, increasing the risk of shear failure in 
the bolt, which will lead to unseating of the bridge span during ground motion. 
AASHTO Article C6.13.2.12 indicates that for global design of anchorages to concrete, refer to 
Building Code Requirements for Structural Concrete (ACI 318-05), Appendix D. However, the 
latest version of ACI 318-11 requirements will be discussed in the following paragraphs. 
ACI 318-11 Appendix D is used to design cast-in-place anchors, in addition, it provides some 
provisions for designing post-installed anchors, but it does not applicable for designing adhesive 
anchors. The manufacturer should provide some criteria for designing post-installed anchors and 
adhesive anchors (Summers 2009). ACI 318-11 discusses the potential modes of failure of 
anchors due to tensile loading. 
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4.3.3.1 Steel failure in tension: 
ACI 318-11 recommends using the nominal strength of anchors in tension as a function of futa 

rather than fya because the large majority of anchor materials do not exhibit a well-defined yield 
point. 

 

Fig. 35: Steel failure in tension (ACI 318-11) 

ACI 318-11 requires the nominal strength of a single anchor or group of anchors in tension not to 
exceed: 

௦ܰ௔ ൌ ௦௘,ேܣ݊ ௨݂௧௔   Eq. 15 

where: 
n = number of anchors in the group 

futa ൑ ൜
1.9 ௬݂௔

݅ݏ݌	125,000
 

Ase,N = effective cross-sectional area of an anchor in tension (in.2) 
For threaded bolts, ANSI/ASME B1.1D.1 defines Ase as: 

௦௘,ேܣ ൌ
గ

ସ
ቀ݀௔ െ

଴.ଽ଻ସଷ

௡೟
ቁ
ଶ
  Eq. 16 

where: 
da = outside diameter of anchor or shaft diameter of headed stud, headed bolt, or hooked bolt 
(in.) 
nt = number of threads per in. 
As discussed earlier, corrosion decreases the cross-sectional area of steel, in addition, it 
decreases the yield strength Eqs.2, 3. This decreases the nominal strength of anchors in tension, 
which causes a steel failure in tension as shown in Fig. 36. 
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Fig. 36: Reduction in bolt cross-sectional area due to corrosion 

 
 

4.3.3.2 Pullout failure in tension: 
This mode of failure usually occurs when the bolt is subjected to tensile force and the steel 
strength is larger than the pullout strength. Pullout happens due to localized failure of concrete at 
the head of the anchor (Summers 2009). 
ACI 318-11 Appendix D requires pullout strength of a single anchor in tension, Npn, not to 
exceed: 

௣ܰ௡ ൌ ,௖ߖ ݌ ௣ܰ  Eq. 17 

where:  
Np = characteristic tensile pullout or pull-through capacity of an anchor (5% fractile of test 
results), lb (N) 
Ψc,p = 1.4, for an anchor located in a region of a concrete member where analysis indicates no 
cracking at service load levels 
Ψc,p = 1, for an anchor located in a region of a concrete member where analysis indicates 
cracking at service load levels 
If corrosion is advanced, it can result in severe concrete cracking, therefore, it is suggested that 
the value of Ψc,p can be taken lower than 1. 
Therefore, cracking of concrete resulting from corrosion of bolts decreases the pullout strength 
of an anchor. This increases the risk of a pullout failure of anchor Fig. 37. 

N

Reduction in bolt
   cross-section
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Fig. 37: Pullout failure in tension (ACI 318-11) 

 

4.3.3.3 Concrete tensile breakout: 
Concrete tensile breakout usually occurs when there are cracks in concrete, which allows the 
anchor to breakout along a failure plane of 35o, Fig. 38.  

 

Fig. 38: Concrete tensile breakout (ACI 318-11) 

 
ACI 318-11 requires the nominal concrete breakout strength, Ncb or Ncbg, of a single anchor or 
groups of anchors in tension not to exceed: 

(a) for a single anchor: 

N N

35°
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௖ܰ௕ ൌ
஺ಿ೎
஺ಿ೎೚

௘ௗ,ேߖ ௖,ேߖ ௖௣,ேߖ ௕ܰ   Eq. 18  

(b) for group of anchors: 

௖ܰ௕௚ ൌ
஺ಿ೎
஺ಿ೎೚

௘௖,ேߖ ௖,ேߖ௘ௗ,ேߖ ௖௣,ேߖ ௕ܰ  Eq. 19  

where: 
ANc = projected concrete failure area of a single anchor or group of anchors that shall be 
approximated as the base of the rectilinear geometrical figure that results from projecting the 
failure surface outward 1.5hef from the centerline of the anchor, or in the case of a group of 
anchors. ANc shall not exceed nANco, where n is the number of tensioned anchors in the group. 
ANco is the projected concrete failure area of a single anchor with an edge distance equal to or 
greater than 1.5hef: 

ே௖௢ܣ ൌ 9݄௘௙
ଶ   Eq. 20 

where: 
hef = effective embedment depth, measured from the concrete surface to the deepest point at  
which the anchor tension load is transferred to the concrete, in. (mm) 
In cases of severe corrosion, when concrete spalls or delaminates, this mode of failure can be 
very critical causing the anchor of the bearing to pullout from the pier cap or bridge seat, which 
in turn leads to unseating of bridge span during an earthquake. 
For a detailed description of the above set of equations, refer to the Appendix “D” of the ACI 
Building Code Requirements for Structural Concrete (ACI 318-11).  
However, ACI 318-11 requires the basic concrete breakout strength of a single anchor in tension 
in cracked concrete, Nb, not to exceed: 

௕ܰ ൌ ݇௖ߣ௔√ ௖݂
ᇱ݄௘௙
ଵ.ହ  Eq. 21 

where:  
Kc = 24 for cast-in anchors 
Kc = 17 for post-installed anchors 
λa = modification factor reflecting the reduced mechanical properties of lightweight concrete in 
certain concrete anchorage applications 
f’c = concrete compressive strength 
hef = effective embedment depth, measured from the concrete surface to the deepest point at  
which the anchor tension load is transferred to the concrete, in. (mm) 
Alternatively, for cast-in headed studs and headed bolts with 11 in. ≤ hef  ≤ 25 in., Nb shall not 
exceed 

௕ܰ ൌ √௔ߣ16 ௖݂
ᇱ݄௘௙
ହ/ଷ  Eq. 22 

Note that ACI 318-11 suggests the following: 
Ψc,N = 1.4, for cast-in anchors located in a region of a concrete member where analysis indicates 
no cracking at service load levels 
Ψc,N = 1.25, for post-installed anchors located in a region of a concrete member where analysis 
indicates no cracking at service load levels 
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Ψc,N = 1, for both cast-in and post-installed anchors located in a region of a concrete member 
where analysis indicates cracking at service load levels 
Since corrosion causes more serious cracks than service loads, it is recommended to take lower 
values for Ψc,N when concrete is severely cracked. 
In addition, if corrosion causes the concrete surrounding bolts to spall or delaminate, it can result 
in decreasing the effective embedment depth, hef. This will decrease the concrete strength to 
resist breakout and increase the vulnerability of bolt to this mode of failure. 
 
If concrete cracks were fine and near the surface, the risk of bond failure is higher of concrete 
breakout failure. However, in cases of deep wide cracks either of the above modes of failure can 
be critical. 
 

 

Fig. 39: calculations of ANco, ANc for single anchors and group of anchors (ACI 318-11) 

4.3.3.4 Concrete side-face blowout of a headed anchor in tension: 
This mode of failure will occur when the side cover is inadequate, as it will cause concrete to 
break to the side of the anchor bolt because of the tensile forces. This usually happens when 
anchors are embedded deep in the concrete and are placed near the edge of the seat. Concert 
side-face blowout can be prevented by adequate reinforcement and embedment length. This is 
because the tensile forces will be transferred through the bolts and into the reinforcement 
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(summers 2009). In addition, it is important to install anchors at adequate distances from the 
edge of the seat (Fig. 40). 
ACI 318-11 requires the nominal side-face blowout strength for a single headed anchor with 
deep embedment close to an edge (hef > 2.5 ca1), Nsb, not to exceed 

௦ܰ௕ ൌ ൫160ܿ௔ଵඥܣ௕௥௚൯ߣ௔√ ௖݂
ᇱ  Eq. 23 

where: 
Abrg = net bearing area of the head of stud, anchor bolt, or headed deformed bar (in.2) 
For multiple headed anchors with deep embedment close to an edge (hef > 2.5 ca1) and anchor 
spacing less than 6ca1, the nominal strength of those anchors susceptible to a side-face blow-out 
failure Nsbg shall not exceed  

௦ܰ௕௚ ൌ ቀ1 ൅ ௦

଺௖ೌభ
ቁ ௦ܰ௕  Eq. 24 

where: 
s = distance between the outer anchors along the edge 
Corrosion decreases the net bearing area of the head of stud, in addition deterioration of concrete 
near the edge of pier cap or abutment seat due to corrosion of anchors or of reinforcing steel 
reduces the distance from the center of the bolt to the edge, ca1. This will decrease the nominal 
side-face blowout strength for anchors. 

 

Fig. 40: Concrete side-face blowout and concrete splitting in tension (ACI 318-11) 

4.3.3.5 Bond failure of adhesive anchor in tension: 
Corrosion of anchors will deteriorate the bond between anchors and surrounding concrete, this 
will increase the risk of bond failure during seismic activities. In post-installed anchors, 
corrosion of anchors leads to deterioration of anchor threads, which reduces the bond between 
anchors and surrounding concrete significantly. This increases the risk of bond failure (Fig. 41). 
ACI 318-11 Appendix D, D.5.5.2 requires the basic bond strength of a single adhesive anchor in 
tension in cracked concrete, Nba, not to exceed 

௕ܰ௔ ൌ  ௔݄௘௙  Eq. 25݀ߨ௔߬௖௥ߣ

where: 
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τcr = characteristic bond stress and shall be taken as the 5 percent fractile of results of tests 
performed and evaluated according to ACI 355.4. 
da = outside diameter of anchor or shaft diameter of headed stud, headed bolt, or hooked bolt 
(in.) 
Sever corrosion of anchor bolts will cause the outside diameter of the bolt do decrease. The 
reduction of diameter will decrease the bond strength. 
Where analysis indicates cracking at service load levels, adhesive anchors shall be qualified for 
use in cracked concrete in accordance with ACI 355.4. 
For adhesive anchors located in a region of a concrete member where analysis indicates no 
cracking at service load levels, τuncr, shall be permitted to be used in place of τcr and shall be 
taken as the 5 percent fractile of results of tests performed and evaluated according to ACI 355.4. 
For further information about the above mode of failures, refer to Building Code Requirements 
for Structural Concrete (ACI 318-11), Appendix D. 
 

 

Fig. 41: Bond failure of adhesive anchor in tension (ACI 318-11) 

For further information refer to Building Code Requirements for Structural Concrete (ACI 318-
11), Appendix D. 
 

4.3.3.6 Steel failure in shear: 
Shear failure is more critical than tensile failure in bridge bearing bolts during an earthquake. 
This is because of the horizontal seismic loads that are transferred from the superstructure to the 
substructure through bearing assemblies and anchor bolts. Steel failure in shear happens when 
the shear force transferred to the anchor bolt exceeds the capacity of the bolt in shear. This mode 
of failure is associated with concrete crushing around the bolt as shown in Fig. 42. 
ACI 318-11 states that the nominal strength of an anchor in shear as governed by steel, Vsa, shall 
be evaluated by calculations based on the properties of the anchor material and the physical 
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dimensions of the anchor. While corrosion does not significantly change the material properties, 
it does change the physical dimensions of the anchor. 
ACI 318-11 requires the nominal strength of an anchor in shear, Vsa, not exceed (a) through (c): 

(a) For cast-in headed stud anchor: 

௦ܸ௔ ൌ ௦௘,௏ܣ ௨݂௧௔  Eq. 26 

where: 
Ase,v = effective cross-sectional area of an anchor in shear, in.2 

futa ൑ ൜
1.9 ௬݂௔

݅ݏ݌	125,000
 

(b) For cast-in headed bolt and hooked bolt anchors and for post-installed anchors where 
sleeves do not extend through the shear plane 

௦ܸ௔ ൌ ௦௘,௏ܣ0.6 ௨݂௧௔  Eq. 27 

(c) For post-installed anchors where sleeves extend through the shear plane, Vsa shall be 
based on the results of tests performed and evaluated according to ACI 355.2. 
Alternatively, ௦ܸ௔ ൌ ௦௘,௏ܣ0.6 ௨݂௧௔  Eq. 27 shall be permitted to be used. 

For post-installed anchors having a reduced cross-sectional area anywhere along the anchor 
length, the effective cross-sectional area of the anchor should be provided by the manufacturer. 
For threaded rods and headed bolts, ANSI/ASME B1.1D.1 defines Ase,V as 

௦௘,௏ܣ ൌ
గ

ସ
ቀ݀௔ െ

଴.ଽ଻ସଷ

௡೟
ቁ
ଶ
  Eq. 28 

where: 
Ase,V = effective cross-sectional area of anchor in shear (in.2) 
da = outside diameter of anchor or shaft diameter of headed stud, headed bolt, or hooked bolt 
(in.) 
nt = number of threads per in. 
Note that corrosion of anchors will decrease the effective cross-sectional area of the anchors as 
well as yield strength of steel. Thus, it does reduce the nominal strength of an anchor in shear. 
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Fig. 42: Steel failure preceded by concrete spall (ACI 318-11) 

 

4.3.3.7 Concrete breakout of anchor in shear: 
This mode of failure occur when the anchor is close to the edge of the abutment seat or pier cap 
(Fig. 43), however, this mode of failure can be prevented by adding adequate hairpin anchor 
reinforcement. 

V
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Fig. 43: Concrete breakout in shear (ACI 318-11) 

ACI 318-11 requires the nominal concrete breakout strength in shear, Vcb of a single anchor or 
Vcbg of a group of anchors, not to exceed: 

(a) For shear force perpendicular to the edge on a single anchor 

௖ܸ௕ ൌ
஺ೇ೎
஺ೇ೎೚

௘ௗ,௏ߖ ௖,௏ߖ ௛,௏ߖ ௕ܸ   Eq. 29 

(b) For shear force perpendicular to the edge on a group of anchors 

௖ܸ௕௚ ൌ
஺ೇ೎
஺ೇ೎೚

௘௖,௏ߖ ௖,௏ߖ௘ௗ,௏ߖ ௛,௏ߖ ௕ܸ   Eq. 30 

(c) For shear force parallel to an edge, Veb or Vebg shall be permitted to be twice the value of 
the shear force determined from the two equations above, with the shear force assumed to 
act perpendicular to the edge and with Ψed,V taken equal to 1.0. 

(d) For anchors located at a corner, the limiting nominal concrete breakout strength shall be 
determined for each edge, and the minimum value shall be used. 

where: 
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AVc = projected area of the failure surface on the side of the concrete member at its edge for a 
single anchor or a group of anchors. 
AVco = projected area for a single anchor in a deep member with a distance from edges equal or 
greater than 1.5ca1 in the direction perpendicular to the shear force. 
Calculations of AVc, AVco, and the other parameter in the above equations can be conducted from 
ACI 318-11 Appendix D.  
However, ACI 318-11 states that the basic concrete breakout strength in shear of a single anchor 
in cracked concrete, Vb, shall be the smaller of (a) and (b): 

(a)   

௕ܸ ൌ ൬7 ቀ
௟೐
ௗೌ
ቁ
଴.ଶ
ඥ݀௔൰ √௔ߣ ௖݂

ᇱሺܿ௔ଵሻଵ.ହ   Eq. 31 

where: 
le = load-bearing length of the anchor for shear, and is equal to 
le = hef for anchors with a constant stiffness over the full length of embedded section, such as 
headed studs and post-installed anchors with one tubular shell over full length of the embedment 
depth 
le = 2da for torque-controlled expansion anchors with a distance sleeve separated from expansion 
sleeve 
and 
le ≤ 8da in all cases. 

(b)   

௕ܸ ൌ ௔ඥߣ9 ௖݂
ᇱሺܿ௔ଵሻଵ.ହ     Eq. 32 

 
For cast-in headed studs, headed bolts, or hooked bolts that are continuously welded to steel 
attachments having a minimum thickness equal to the greater of 3/8 in. and half of the anchor 
diameter, the basic concrete breakout strength in shear of a single anchor in cracked concrete, Vb, 
shall be the smaller of (a) and (b): 

(a)   

௕ܸ ൌ ൬8 ቀ
௟೐
ௗೌ
ቁ
଴.ଶ
ඥ݀௔൰ √௔ߣ ௖݂

ᇱሺܿ௔ଵሻଵ.ହ   Eq. 33  

(b)  

௕ܸ ൌ ௔ඥߣ9 ௖݂
ᇱሺܿ௔ଵሻଵ.ହ     Eq. 34  

where le is the same as above. 
Usually bridge seats and pier caps are provided with edge reinforcement in order to prevent this 
mode of failure (Fig. 44).  



39 
 
 

 

Fig. 44: corrosion in edge reinforcement to prevent Concrete breakout of anchor in shear 

Corrosion of anchor bolt reduces its diameter size leading to reduction in concrete breakout 
strength in shear. If the corrosion is severe, it can cause the surrounding concrete to spall and 
delaminate which also increase the risk of this mode of failure. 
In addition, corrosion in edge reinforcement can destroy the connection to the main 
reinforcement, moreover, it has higher risk of causing the edge concrete to spall because it is 
closer to the edge. Spalling of edge concrete increases the risk of the concrete to breakout in 
shear dramatically. 
 

4.3.3.8 Concrete pryout failure of anchor in shear: 
This mode of failure occurs when the anchor bolts are relatively far from the bridge seat edge or 
the pier cap edge. It is usually associated with large shear forces. 
ACI 318-11 requires the nominal pryout strength, Vcp for a single anchor or Vcpg for a group of 
anchors, shall not exceed: 

(a) For a single anchor 

௖ܸ௣ ൌ ݇௖௣ ௖ܰ௣    Eq. 35 

For cast-in, expansion, and undercut anchors, Ncp shall be taken as Ncb determined from ௖ܰ௕ ൌ
஺ಿ೎
஺ಿ೎೚

௘ௗ,ேߖ ௖,ேߖ ௖௣,ேߖ ௕ܰ   Eq. 18 and for adhesive anchors, Ncp shall be the 

lesser of Ncb determined from ௖ܰ௕ ൌ
஺ಿ೎
஺ಿ೎೚

௘ௗ,ேߖ ௖,ேߖ ௖௣,ேߖ ௕ܰ   Eq. 18 and the 

nominal bond strength in tension, Na of a single adhesive anchor determined from (ACI 318-11 
Eq. D-18) 

(b) For a group of anchors 

௖ܸ௣௚ ൌ ݇௖௣ ௖ܰ௣௚   Eq. 36 

For cast-in, expansion, and undercut anchors, Ncpg shall be taken as Ncbg determined from 

௖ܰ௕௚ ൌ
஺ಿ೎
஺ಿ೎೚

௘௖,ேߖ ௖,ேߖ௘ௗ,ேߖ ௖௣,ேߖ ௕ܰ  Eq. 19 and for adhesive anchors, Ncpg shall 

be the lesser of Ncbg determined from ௖ܰ௕௚ ൌ
஺ಿ೎
஺ಿ೎೚

௘௖,ேߖ ௖,ேߖ௘ௗ,ேߖ ௖௣,ேߖ ௕ܰ  Eq. 19 

 Edge reinforcement

Anchor reinforcement
Welded to primary reinforcement

Cracks due to
corrosion in edge
reinforcement
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and the nominal bond strength in tension, Nag of a group of adhesive anchors determined from 
(ACI 318-11 Eq. D-19) 

 

Fig. 45: Concrete pryout for anchors far from a free edge 

 

4.4 Deterioration of Seats and Caps: 

Pier cap or abutment cap provides the base or the seat the carry the bearing assembly on which 
the superstructure rest. A decent number of bridges have open joints over the abutments and 
piers. Some bridges have drainage troughs, these troughs are usually placed below the open 
joints. The main reason of these troughs is to intercept the runoff and debris that falls through the 
deck expansion joints. They discharge the debris beyond the substructure units into the stream or 
onto the ground below. However, these debris and runoff, which usually contain deicing 
chemicals, can be accumulated on the top of the pier or abutment caps if the bridge does not have 
a drainage troughs, leading to corrosion and deterioration in the substructure caps and bearings. 
The same problem can happen even in bridges with drainage troughs because of clogging and 
run-over (FHWA Bridge Maintenance, Rossow). 
The debris and runoff mentioned above on the substructure caps hold water and deicing 
chemicals for long periods. These deicing chemicals cause corrosion of bearing systems. 
Moreover, the penetration of these chemicals into concrete results in corrosion in reinforcing 
steel which causes delamination and spalling in concrete cover (FHWA Bridge Maintenance, 
Rossow). Fig. 46 shows a corroded pier cap. 
Corrosion causes the bearing system to be frozen, this causes additional stress in the substructure 
cap, resulting in spalling and damages to the bearing system. Also, the corrosion of the 
anchorage bolts of the bearing system causes the surrounding concrete to crack, which in turn 

V
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causes spalling of concrete (FHWA Bridge Maintenance, Rossow). Moreover, the presence of 
debris in the joints may prevent the deck from expanding and the span from moving during an 
earthquake. 

 

Fig. 46: Fracture of Bearing Seat (FHWA Bridge Maintenance, Rossow) 

4.4.1 Single column piers (Cantilevered piers): 

Single column pier is a pier consisting of one column that carries the pier cap, it is usually used 
in small or pedestrian bridges. The term “pier” usually refers to a single column pier while piers 
with more than one column are called “bents”. In the case of single column pier, the top fibers of 
the pier cap will be in tension as both outer sides of the cap work as cantilevers. This means that 
the main tension reinforcement will be in the top part of the cap as shown in Fig. 47. Having a 
larger diameter and therefore a smaller concrete cover, the main reinforcement at the top of the 
cap is exposed to corrosion penetration at higher rates than other reinforcement. Also, the upper 
part of the cap is directly exposed to the water and deicing salt falling through the joints because 
it is located directly under deck expansion joints. This makes the top of the pier cap more 
vulnerable to corrosion.  
 
 

 

Fig. 47: Reinforcement of a single column pier cap 

 

    Tension
reinforcement

Stirrups

Compression
reinforcement



42 
 
 

Corrosion of flexural and shear reinforcement will cause a decrease in the steel cross-sectional 
area which will lead to a decrease in the flexural and shear capacity, also, the bond between steel 
and surrounding concrete will decrease. Moreover, corrosion of flexural and shear reinforcement 
will eventually lead to cracking, spalling and delamination of concrete cover on the top and the 
sides of the pier cap. “A horizontal crack along the face of the pier cap, 75 to 100 mm (3 to 4 
inches) from the top, normally indicates that the top mat of rebars has expanded because of 
corrosion and has forced up (delaminated) the concrete” (FHWA Bridge Maintenance, Rossow). 
Fig. 48,Fig. 49 show the crack pattern and the deterioration in concrete due to corrosion of steel 
reinforcement.  

 

Fig. 48: Crack pattern and concrete delamination due to corrosion 

 

Fig. 49: Deterioration in concrete due to corrosion of steel reinforcement 
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Delamination of concrete will decrease the minimum support length discussed above and which 
is required by AASHTO, which in turn, will increase the risk of span collapse during an 
earthquake due to unseating as shown in Fig. 50. However, when concrete starts to crack, spall, 
and delaminate due to the extra stress caused by corroded reinforcing steel, it will increase the 
access of water and deicing salt to the non-corroded steel and will accelerate the corrosion 
process in the corroded bars. This will exacerbate the situation leading to an increase in 
delamination of seat concrete and a higher risk of unseating. 
 

 

Fig. 50: Deterioration in concrete increase the risk of unseating during an earthquake 

 

4.4.2 Multi column piers (bents): 

Multi column pier is a pier consisting of more than one column carrying the pier cap. The 
difference between single column piers and multi column piers is that in the case of single 
column piers the primary tension reinforcement is at the top of the pier cap in all section, 
meanwhile in the multi column piers the primary reinforcement in the span between columns is 
at the bottom of the cross-section as shown in Fig. 51. This means that in the span between 
columns, the cap is less subjected to corrosion because the compression reinforcement at the top 
usually has a smaller diameter and a larger concrete cover than the tension reinforcement. 
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Fig. 51: Reinforcement of multi column pier cap 

 
However, except for the location of the tension and compression reinforcement which plays a 
role regarding the time at which corrosion starts and the acceleration of steel corrosion and 
concrete deterioration, the multi column piers are subjected to the same corrosion problems as 
the single column piers. Fig. 52,Fig. 53 show spalling and delamination of concrete pier caps. 
 
 

         

Fig. 52: Spalling and delamination of concrete pier cap (Bridge Inspection Manual 2010) 
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Fig. 53: Severe Concrete Spalling on Bent Cap (BIRM, Rossow) 

 

4.4.3 Abutments: 

The abutments are the end bents of the bridge, support the extreme ends of the bridge and 
confine the approach embankment, allowing the embankment to be built up to grade with the 
planned bridge deck (Bridge Construction Overview). Even though that most of bridge 
abutments consist of a footing, wall, bridge seat, wing, and mudwall, some abutments have 
columns that carry the cap or the seat instead of wall. However, when the abutment is designed 
with a wall, the steel reinforcement will be in compression in the seat cap. Corrosion of 
longitudinal and transverse steel reinforcement of abutment seating leads to cracking and 
spalling of concrete, which in turn leads to unseating of bridge span during earthquake as shown 
in Fig. 54. 

 

Fig. 54: Deterioration of bridge abutment increase the risk of span unseating 
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Fig. 55: Typical fixed steel bearing at an abutment (note seat cracking at the edge and corrosion 
of its reinforcements) (Padgett et al. 2006) 

4.5 Deterioration of Concrete at end of Beam/Girders: 

4.5.1 Steel reinforced girders: 

A girder is “a horizontal structural member supporting vertical loads by resisting bending. The 
ends of girders are supported by the piers or abutments that they rest on. A girder is a large 
beam, sometimes made of multiple metal plates that are riveted or welded together. It is 
sometimes called a beam or stringer” (O’Connor 2010).  
 
Unseating of the girders in the longitudinal or transverse directions may be the only implication 
of seismic event if the superstructure is isolated from the substructure through pin or roller 
supports (NCHRP 2004). In other words, simple span bridges are subjected to unseating during 
ground motion meanwhile continuous bridges the risk of unseating is reduced. This because all 
the horizontal forces are transmitted at the fixed ends to the piers or abutments, this makes the 
pier and abutments more subjected to damage during an earthquake. 
 
Even though most of the concrete girder bridges are constructed using prestressed concrete 
girders, there is a decent amount of girder bridges which are designed using steel reinforced 
concrete girders. In both cases, corrosion of steel reinforcement, tendons, and tendon anchorage 
can lead to serious problems including causing total collapse of the bridge span during ground 
motion. 
 
The end of the girder rests on the abutment seat or pier cap. This is usually under the expansion 
joints. If the bridge does not have drainage troughs or the drainage troughs are clogged, the 
debris and runoff that fall through the deck expansion joints, containing deicing salt, can cause 
corrosion to the ends of girders. In addition, the vehicles passing through the chloride-laden 
water beneath the bridge, cause the deicing salt to become airborne generating a fine mist that 
cause the bottom of bridge girders to corrode (Enright and Frangopol 1998). 
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An evidence of corrosion of the steel reinforcing bars imbedded in concrete is the visible rust 
staining on the surface of the concrete, especially in wet conditions. However, when corrosion is 
advanced cracks along the reinforcement bars will be seen. These cracks are initially small with 
widths smaller than 0.2 mm, the widths of cracks will increase with time leading to concrete 
spalling and delamination as shown in Fig. 56. When concrete spalls at the end of bridge girder, 
the length of the girder resting on the support becomes shorter, leading to higher risk of 
unseating. Therefore, the main problem related to corrosion of bridge girder is the spalling of 
concrete at the ends of the girder. In other words, corrosion of reinforcing bars in the midspan of 
the girder will not cause a total span collapse during seismic events even though that it will 
reduce the capacity of the girder. 
 

 

Fig. 56: Moderate Damage: Spalled concrete (WSDOT) 

Since spalling of concrete at the end of girder is critical in determining the length of the girder 
seated on the support, the case of unseating, it is important to estimate the time for cracks to start 
forming in concrete, also, it is extremely important to compute the time for concrete to start 
spalling due to corrosion of reinforcing bars.  
Morinaga 1989 suggested empirical equations to compute the time to cracking. It is suggested 
that cracking of concrete will star when a there is a certain amount of corrosion products forming 
on steel reinforcing bars. This amount is calculated as:  

ܳ௖௥ ൌ 0.602݀ ቀ1 ൅ ଶ௖

ௗ
ቁ
଴.଼ହ

  Eq. 37 

Where: 
Qcr = critical mass of corrosion products (10-4g/cm2) 
c = cover to the reinforcement (mm) 
d = diameter of reinforcing bars (mm) 
After calculating the critical mass of corrosion products, time for cracking to first occur can be 
calculated as follows: 

௖௥ݐ ൌ
ொ೎ೝ
௜೎೚ೝ

  Eq. 38 

Where: 
tcr = time for cracking to take place (days) 
Qcr = critical mass of corrosion products (10-4g/cm2) 
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icor = corrosion rate in gram per day 
However, corrosion rate can be measured or estimated bases on existing data. 
Kamal, Salma, and El-Abiary (1992) proposed an equation to calculate the time from beginning 
of corrosion until the concrete cover falls:  

௦ݐ ൌ
଴.଴଼ሺ௖ିହሻ

஽.஼ೝ
   Eq. 39 

Where: 
ts = time from beginning of corrosion until the concrete cover falls 
C = concrete cover thickness 
D = steel bar diameter 
Cr = corrosion rate units (mm/year) 
The above equations show that time for concrete to crack, as well as to spall, is a function of 
corrosion rate, concrete cover, and bar diameter. 
At the presence of corrosion, concrete starts cracking, spalling, and delaminating. When concrete 
at the end of the girder delaminate, the length of the girder seated on the abutment seat decreases. 
This increases the risk of unseating collapse during an earthquake as shown in Fig. 57. 
 

 

Fig. 57: Deterioration of bridge girder increase the risk of span unseating during an earthquake 
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4.5.2 Prestressed concrete girders: 

In prestressed girders, the strands have been pretensioned, this tension is transferred to concrete 
as compression. This compression in the concrete will keep the girder from going into tension 
under loading. 
Prestressed concrete girders are similar to conventionally reinforced concrete girders in that 
spalling and delamination of concrete at the end of girders increases the risk of span collapse 
during ground motion due to unseating. However, in prestressed girders, oxidation of the 
reinforcing steel may not produce corrosion that is enough to crack concrete (Hover, 1995). 
However, the loss of prestressing anchorage due to corrosion leads to loss of unbounded tendons 
(OECD 1989, Beal and Chamberlin 1982), this will decrease the prestressing force and will 
allow corrosion products to crack concrete. 
Corrosion of strands, cracking and deterioration in prestresed concrete girders are more critical 
than conventionally reinforced concrete girders. This is because of the relatively thinner sections 
that prestressed concrete has. Being squeezed together due to the high tension in the tendons, a 
loss of concrete may cause the remaining part of the section to crush and fail. On the one hand, if 
a tendon breaks due to corrosion, it will only cause a minor damage. On the other hand, many 
tendons snapping can cause a sudden failure of the bridge (FHWA Bridge Maintenance, 
Rossow). 
However, in prestressed concrete girders, all flexural cracks or shear cracks are considered major 
cracks regardless the width or the size of the crack, and must receive immediate repair 
(O’Connor 2010). 
As mentioned above, corrosion of tendon anchorage can also lead to spalling and delamination 
of concrete at the end section of the girder leading to a higher risk of span collapse due to 
unseating during a seismic event. 

5 . Corroded RC Concrete Column:  

Corrosion of reinforcing steel bars is the primary durability problem that causes degradation of 
reinforced concrete structures located in aggressive environments (Aquino et al., 2007; Ma et al., 
2012). If the rate of corrosion is high, it may reduce load-carrying capacity of reinforced 
concrete members, cause bond deterioration, reduce anchorage of steel bars, and decrease the 
confinement by transverse reinforcement (Ma et al., 2012). Recent strong earthquakes have 
shown that the primary cause of collapse in many existing older structures is column failure. 
Corrosion of reinforcement in columns makes the situation even worse. Estimation of failure 
mechanism of corroded column subjected to seismic load is more complicated and may vary 
based on corrosion rate or location of corrosion.  

5.1 Deterioration of Reinforced Concrete Bridge Columns: 

This section presents few common case studies of existing concrete bridge columns in the State 
of New York deteriorated by corrosion of reinforcing steel bars in concrete.  Depending on the 
level of corrosion, deterioration may lead to a structural deficiency and limit the level of safety 
against failure (Aboutaha, 2004). Fig. 58 shows concrete bridge pier damaged by corrosion.  As 
shown in the figure, cracks formed as a result of rebar corrosion. These cracks typically extend 
parallel to the rebars along its corroded length.   
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Fig. 58: Deterioration of a concrete bridge pier due to corrosion of reinforcing steel bars 
(Aboutaha, 2004) 

When several bars corrode at one location, corroded rebars produce a splitting crack in the plane 
of the rebars.  In its initial stage, it results in delamination, which can be easily detected by 
hammering. At advanced corrosion state, the concrete cover spalls off leaving rebars exposed to 
the external environment, as shown on the left pier column in Fig. 59 and Fig. 60 which show a 
view of corrosion damage on the columns, and beams.   
In some advanced corrosion cases, rebar corrosion is so severe and it significantly decreases the 
size of the rebar, as shown in Fig. 60. In addition to loss of cross section, rebar corrosion 
destroys the bond between the rebar and the surrounding concrete, which results in significant 
decrease in the ability of the rebar to transfer forces. 
 

 

Fig. 59: Deterioration of concrete bridge pier columns due to corrosion of rebars (Aboutaha, 
2004). 
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Fig. 60: Close-up of corroded column longitudinal and transverse rebars 

(Aboutaha, 2004). 
 
Fig. 61 shows the effect of rebar corrosion on the surrounding concrete.  When a rebar corrodes, 
its volume increases by a factor of 8 to 12 time the original volume of the rebar (Aboutaha, 
2004). As a result, it produces very large radial stresses on the concrete.  When the internal radial 
stresses exceed the tensile strength of concrete, cracks form between the corroded rebar and the 
closest exterior surface, as shown in Fig. 61. 
 

 

Fig. 61: Effect of corrosion of reinforcing steel bars on the surrounding concrete (Aboutaha, 
2004). 

Fig. 62 through Fig. 64 show examples of corrosion damaged pier columns.  Fig. 62 shows photo 
of a rectangular column damaged by corrosion. On the east elevation, the concrete cover is still 
intact but delaminated and severely cracked; while on the west elevation, exposed rebars can be 
seen due to spalling of the concrete cover.  Delaminated zones, which reflects a hollow sound 
when hammered upon, means that the reinforcing steel bars are corroded and their volume 
expanded, producing stresses larger than the tensile strength of concrete. Therefore, delaminated 
zones should be treated as an advanced corrosion state. 
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Fig. 62: Corrosion damaged rectangular concrete columns (Aboutaha, 2004). 

 Fig. 64(a) shows the type of corrosion-induced crack on circular column. At “A” a single crack 
may appear at the face of the column near a main longitudinal rebar, at “B” two cracks may form 
in the vicinity of a longitudinal rebar, while at “C”, an advanced state of corrosion, the concrete 
cover may spall off exposing the column rebars, as shown in Fig. 63. 
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Fig. 63: Corroded longitudinal and transverse rebars for circular columns (Aboutaha, 2004). 

 

Fig. 64: Corrosion damaged circular concrete columns. Notice that the main cracks are parallel to 
the columns’ main reinforcing steel bars (Aboutaha, 2004). 
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If corrosion process was allowed to continue for many years, it would completely destroy the 
steel reinforcing bars. For axially loaded short columns, where the effective buckling length is 
fairly short, loss of some of the steel cross section is not as critical as for long columns. In long 
columns, depending on the amount of axial load, steel bars are designed to resist both tension as 
well as compression. Major loss of tension steel bars would limit the bending resistance of the 
column (Tapan, 2008). 
Loss of transverse reinforcement, as shown in Fig. 65, leaves the column section unconfined. In 
addition, loss of bond between the corroded bars and the surrounding concrete, as shown in Fig. 
66 (b) dramatically decreases the axial load carrying capacity of the column to a plain concrete 
column. 
 

 

Fig. 65: Deteriorated concrete bridge pier due to corrosion of rebars (Aboutaha, 2004). 

 

 

Fig. 66: Corrosion damage of tall concrete bridge pier columns (Aboutaha, 2004) 
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estimated as; 

 corrsos QAA  01.01                                        Eq. 44 

t
d

I
Q corr

corr  046.0                                                Eq. 45 

Where; Aso is the initial cross-sectional area of non-corroded reinforcement, and Qcorr is the 
amount of corrosion of reinforcement (%), d is the diameter of non-corroded reinforcement, Icorr 
is the corrosion rate of reinforcement in real structure (μA/cm), and t is the time elapsed since the 
initiation of corrosion (years). 
Axial load carrying capacity of a column decreases with reduction in cross-sectional area of 
reinforcement. If the length of corroded reinforcement exceeds a critical length, it may buckle 
before yielding. Stirrup corrosion as well as cracking of concrete cover increases the rate of 
reduction in load carrying capacity of RC columns since both result in longer unsupported 
longitudinal reinforcement length; which leads to premature buckling of longitudinal 
reinforcement. In the model, the flexural buckling strength of compression members subjected to 
axial compression through the centroidal axis is given by Eqs. (5)–(8). These equations were 
used to calculate critical buckling stress for corroded exposed reinforced bars. 

crgn fAP                                         Eq. 46 

ycr ff c  )658.0(
2      for   5.1c       Eq. 47 

y

c

cr ff 









2

877.0


     for   5.1c             Eq. 48 

where; 

E

f

r

LK y
c 







                                          Eq. 49 

gA = Gross area of member, in2. 

yf = Specified minimum yield stress, ksi. 

E  = Modulus of elasticity, ksi. 
K  = Effective Length factor 
L  = Laterally un-braced length of member, in. 
r   = Governing radius of gyration about the axis of buckling, in. 
 
Thickness of concrete cover, tensile strength of cover concrete, reinforcement size, volume 
expansion of corrosion by rust and amount of rust product accommodated within the pores of the 
surrounding concrete without inducing fracture stresses in the concrete are important parameters 
control the amount of corrosion that cause cracking of the concrete cover surrounding a 
reinforcing bar. Cracking of the cover is assumed to occur instantaneously when the maximum 
hoop stress (because of internal pressure) equals to the tensile strength of concrete. Although in 
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reality, cracked concrete has some amount of residual strength (i.e. there are three cracking 
stages, initial, penetration and ultimate cracking), it is assumed that ultimate cracking occurred 
just after the maximum hoop stress equals to the tensile strength of concrete. It was found that 
‘‘concrete cover to longitudinal reinforcement diameter’’ ratio plays an important role in the load 
carrying capacity of deteriorated reinforced concrete columns. The amount of corrosion to cause 
cover cracking is calculated as 2.25% for cover to longitudinal reinforcement diameter ratio 
equals to 1 (C/ D = 1), and 5.25% for C/D = 2.5 (Tapan and Aboutaha, 2011). 
 
For conventional reinforced concrete members, strains and stress changes can be determined in 
any typical section along the span using equilibrium equations, stress–strain relations, and strain 
compatibility. Such an analysis assumes that perfect bond exists between reinforcement and 
concrete, and implies that the strain change under load in the reinforcement is equal to the strain 
change in the concrete at the level of reinforcement. 
 
Non-uniform reinforcement corrosion along the height and cross-section of a bridge column 
leads to partial or complete loss of bond between corroded steel bars and the surrounding 
concrete. The deterioration of the ribs of the deformed bars causes a significant reduction of the 
interlocking forces between the ribs of the bars and the surrounding concrete keys. As a result, it 
deteriorates the primary mechanism of the bond strength between deformed bars and concrete, 
and hence, the bond strength decreases significantly (Wang and Liu, 2004). Results from a study 
by Cairns and Millard (1999), indicate that it is bond which suffers the most rapid degradation as 
a result of corrosion, and which therefore has a serious potential to reduce structural safety. 
Therefore, conventional strain compatibility does not apply as is in computing stresses in 
corroded reinforcement (i.e. the strain changes along the corroded reinforcement length (exposed 
reinforcement length is averaged)), and conventional method based on strain compatibility 
cannot be used without any modification to determine actual capacity of deteriorated reinforced 
concrete members. To account for reinforcement corrosion and loss of bond while developing 
the interaction diagrams for different deterioration cases, the average change in the adjacent 
concrete over the exposed reinforcement length is calculated and the strain in deteriorated (un-
bonded) reinforcement is calculated as shown in  
Fig. 70 using the equation below: 

,
0

L
c

c ave s
L

dx
L L


 


                                      Eq. 50 

where ߝ௦ is the strain in deteriorated reinforcement; ߝ௖,௔௩௘ the average strain in deteriorated 
reinforcement; ܮ the exposed (unsupported) length of the corroded reinforcement; and ߝ௖ is the 
strain in concrete. 
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Fig. 70: Calculations of stress and strains for a given section and strain distribution 

Fig. 71 illustrates a series of strain distributions and the resulting points on interaction diagram. 
Strain distribution at point A represents pure axial compression. Point B corresponds to crushing 
at one face and zero tension at the other. Since the tensile strength of concrete is ignored in the 
calculations, this represents the onset of cracking of the bottom face of the section. All points 
lower than this in the interaction diagram represent cases in which the section is partially 
cracked. Point C corresponds to a strain distribution with a maximum compression strain of 
0.003 on one side of the section and a tensile strain of єy, the yielding strain of the reinforcement, 
at the level of the tension steel. This represents a balanced failure in which crushing of the 
concrete and yielding of the tension steel develop simultaneously. Point C, the farthest right 
point on the interaction diagram represents the change from compression failures for higher 
loads and tension failures for lower loads.  At Point D the reinforcement has been strained to 
several times the yield strain before the concrete reaches its crushing strain. This implies ductile 
behavior. In contrast, for the strain distribution B, the column fails as soon as the maximum 
compressive strain reaches 0.003. Since the tension steel has not yielded, there are no large 
deformations prior to failure and this column fails in a brittle manner (Tapan and Aboutaha, 
2008). 
 
The level of load carrying capacity for any deterioration stage can be determined using several 
different approaches. The first approach is to find the load reduction by drawing eccentricity 
lines while the second one is to calculate load reduction looking through several axial loads. The 
procedure for the first approach starts with defining the eccentricity line using the relation 
Mu/Pu. Once the eccentricity line is defined, the strength reduction can be calculated for each 
deterioration stage. Those results can then be used to calculate load carrying capacity of the 
bridge columns. Second approach is based on referencing several axial loads. Although most of 
the columns are designed to resist small eccentricities, during a seismic activity they will 
experience large moments. Therefore, this approach will have much beneficial usage for 
evaluating load carrying capacity reduction of deteriorated reinforced concrete columns in 
seismic zones. 
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Fig. 71: Strain distributions corresponding to points on interaction diagram (Tapan and 
Aboutaha, 2008) 

Using this methology, Tapan and Aboutaha (2008) investigated residual structural capacity of 
reinforced concrete columns for several deterioration cases for the column shown in Fig. 72. As 
corrosion of reinforcement directly affects cover cracking; location of the corroded bars affects 
the load carrying capacity. The effect of corrosion and location of the corroded region on load 
carrying capacity is separately investigated for each deterioration stage and the results are 
discussed in detail. The P–M interaction diagrams for all six deterioration cases indicate that 
there is significant reduction in load carrying capacity beyond third deterioration stage (amount 
of corrosion = ‘‘2.25–10%’’ depending on the ‘‘As’’ ratio).  
 

 

Fig. 72: Deterioration cases included in the analysis (Tapan and Aboutaha, 2011) 
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For the Case I, where it is assumed that corrosion takes place at the extreme layer of compression 
bars, the effect of reinforcement corrosion is less beyond fourth deterioration stage (amount of 
corrosion >10%). Axial and flexural capacities of the columns decrease, as the amount of 
corrosion increases. The reduction in axial and flexural capacities under balanced condition was 
found to be more than the reduction in compression or tension controlled regions. That is 
because; under balanced condition the neutral axis is fixed (because of pre-defined strain levels 
at concrete and reinforcement). Therefore, as the amount of corrosion increases, the forces at 
compression reinforcements decreases resulting in less axial load, as well as shifting of plastic 
centroid towards to the tension side resulting in less moment arm and finally less moment 
capacity.  
 

 

Fig. 73: Interaction diagram for pre-defined deterioration stages, where deterioration is on the 
compression side of the column section. 

For the Case II, where it is assumed that corrosion takes place at the extreme layer of tension 
bars, the reduction in axial load carrying capacity under pure compression is the same as for 
Case I. As the corrosion amount increases, the reduction in load carrying capacity under 
balanced condition and pure moment is significantly higher than Case I. In addition, as corrosion 
amount increases, the plastic centroid of the section moves towards to the compression side to 
balance the reduction in bottom reinforcement bars. Since, the axial force Pn is computed by 
summing the individual forces in the concrete and steel, and the moment Mn is computed by 
summing the moments of these forces about the plastic centroid of the section, the reduction is 
higher for higher corrosion levels. The results indicate significant decrease under balanced and 
pure moment condition as corrosion amount increases. And in general, the results indicate that 
corrosion in tension reinforcement causes more strength reduction than corrosion of 
reinforcement in compression or left/right side reinforcement for high corrosion amounts (i.e. 
amount of corrosion ≥ 50%). 
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Fig. 74: Interaction diagram for pre-defined deterioration stages, where deterioration is on the 
tension side of side of the column section. 

For the Case III, where it is assumed that corrosion takes place at the extreme left/right side layer 
of bars, the reduction in axial load carrying capacity under pure compression is almost the same 
as those of Cases I and II. Since the column is a square column and the concrete loss and 
reinforcement loss is the same for a given corrosion amount, the reduction in pure axial load 
carrying capacity is equal for Cases I, II and III. Unlike Cases I and II, reinforcement corrosion 
has lower load carrying capacity reduction beyond fourth deterioration stage for this case. The 
reduction decreases as ‘‘cover to longitudinal reinforcement diameter’’ ratio increases. Like the 
other two cases, the reduction in axial and flexural capacity under balanced condition is higher 
than the reduction under compression or tension controlled region. Although in Case III, the 
plastic centroid coincides with the centroid of the section for any corrosion amount. 
 

 

Fig. 75: Interaction diagram for pre-defined deterioration stages, where deterioration is on the 
left side of the column section 
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Fig. 77: Interaction diagram for pre-defined deterioration stages, where deterioration is on the 
compression and left side of the column section 

 

 

Fig. 78: Interaction diagram for pre-defined deterioration stages, where deterioration is on the 
tension and left side of the column section 

The results of this study (Tapan and Aboutaha, 2011) suggest that for deteriorated columns the 
amount of strength loss depends on the location, and amount of the deterioration. Corrosion of 
steel bars on the compression side of column section reduces the effective depth, and therefore 
causing more reduction than left side or tension side deterioration, in compression controlled 
region. However, in general, corrosion of tension reinforcement causes more strength reduction 
than corrosion of reinforcement in compression or left/right side reinforcement, particularly, in 
tension controlled region. Corrosion on all four sides of the column section causes the most 
significant strength reduction. 
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Table 3: Strength reduction in different deterioration stages 

 

5.4 Shear Capacity:  

Experimental study on failure mode of reinforced concrete columns shows that columns 
subjected to axial and lateral load typically fail in shear (Ousalem et al., 2003). The first 
appeared cracks are flexural cracks because of initial flexural response of column; and then shear 
cracks are observed and developed which ultimately result in failure of column. In another word, 
if a column under lateral load has low shear capacity, it will fail immediately after flexural 
deformation, but if it has high shear capacity, shear failure occurs after large lateral deformation 
(Mostafaei et al., 2009). Shear load capacity of columns might decrease by corrosion faster than 
flexural load capacity, because transverse reinforcement has less concrete cover than longitudinal 
one, which may start to corrode first (Webster, 2000). All these factors together, make it difficult 
to predict the behavior of a corroded RC column.  
According to ACI 318-11, nominal shear capacity of RC columns shall be defined as: 

௡ܸ ൌ ௖ܸ ൅ ௦ܸ                                                                                    Eq. 51                                            

௖ܸ is nominal shear strength provided by concrete, which can be calculated using the following 
equations for concrete members subjected to axial compression loads. 

௖ܸ ൌ ሺ1.9ߣඥ ௖݂′ ൅ ௪ߩ2500
௏ೠௗ

ெ೘
ሻ ܾ௪݀ ൑ ඥߣ3.5 ௖݂′ܾ௪݀ට1 ൅

ேೠ
ହ଴଴஺೒

   Eq. 52      

Where; 

௠ܯ ൌ ௨ܯ െ ௨ܰ
ସ௛ିௗ

଼
                                                                            Eq. 53                                 

For corroded section, Higgins et al. (2003) suggested using ܾ௘௙௙ instead of b due to decrease in 
cross section of concrete.  

ܾ௘௙௙ ൌ ܾ െ 2ሺܿ௩ ൅ ݀௦ሻ ൅
௦

ହ.ହ
ݏ		݂݅																			 ൑ 5.5ܿ௩     Eq. 54           
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ܾ௘௙௙ ൌ ܾ െ ହ.ହ

௦
ሺܿ௩ ൅ ݀௦ሻଶ																									݂݅		ݏ ൐ 5.5ܿ௩      Eq. 55 

where b is the original undamaged section width (in), ܿ௩ is the concrete cover (in), ݀௦ is the 
stirrup diameter (in), and s is the stirrup spacing (in). 
 

 

Fig. 79: Plan view of concrete cracking in beam web due to corrosion for three different stirrup 
spacing; (a) 8-in, (b) 10-in, and (c) 12-in (Higgins et al., 2003) 

d is defined as distance from extreme compression fiber to centroid of longitudinal tension 
reinforcement; then for an un-symmetric cross-section:  

 

Fig. 80: Effective depth of unsymmetrical section 

 
௦ܸ is the nominal shear strength provided by shear reinforcement: 

௦ܸ ൌ
஺ೡ௙೤ௗ

௦
                                                Eq. 56 

For corroded RC section, ܣ௩, the cross-sectional area of corroded stirrups can be calculated 
considering corrosion rate.  

ܴܥ ൌ ቀ1 െ ௗ೗బିௗ೗
ௗ೗బ

ቁ ൈ 100%                    Eq. 57 

Where; ݀௟଴ is the diameter of non-corroded stirrup, ݀௟ is the diameter of corroded stirrup and ܴܥ 
is the corrosion rate. ݀, effective depth of corroded section shall be calculated as discussed 
above. ݏ is the maximum spacing between stirrups in each section and should be checked with 
maximum allowable spacing according to ACI 318-11.  
Stress in steel bar at ultimate limit state may change due to following reasons:  

(a) (b) (c)
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 Since the bond between concrete and steel is deteriorated in partial length of steel bars, 
stress along the bar is not constant. Variation of stress results in change of shear 
failure mode. It can convert from yielding or fracture of stirrups to shear compression 
failure or splitting along the corrosion-induced cracks (Wang et al., 2012)  

 Pitting corrosion of reinforcement leads to incredible change in stresses which results 
in sudden fracture of rebars.  

ACI equation for shear capacity of reinforced concrete doesn’t include the stresses in 
longitudinal bars. Therefore, it is not able to consider bonded or un-bonded length of corroded 
longitudinal bars using this equation. Consequently, ACI equation shall be used for small rates of 
corrosion in which bond deterioration is negligible. 
 
Rahal (2000) proposed a method to calculate the shear strength of RC members, which is more 
accurate than the ACI model. The proposed method compared with modified compression field 
theory and also checked with experimental data and showed good agreements. 
 
In this method, shear resistance of longitudinal bars of the section is defined as the subtraction of 
tensile forces from the maximum resistant of longitudinal bars, which assumed ܣ௦ ௬݂௅. Shear 
resistance of transverse reinforcement is also considered as yielding force of them,  ܣ௩ ௬݂௧. 
In flexural compression and tension zones of cross section, modified resistance of bars has been 
supposed as, respectively: 

௖௢ܨ ൌ ௦݂′௬௅′ܣ െ
ே

ଶ
൅ ெ

ௗೡ
                          Eq. 58                                   

௧௘௡ܨ ൌ ௦ܣ ௬݂௅ െ
ே

ଶ
െ ெ

ௗೡ
                           Eq. 59                                    

The proposed method has two non-dimensional indexes: 

߱௅ ൌ
ଶ	௠௜௡ሼி೎೚,ி೟೐೙ሽ

௕ೢௗೡ௙ᇱ೎
                                   Eq. 60                                    

߱௧ ൌ
஺ೡ௙೤೟
௕ೢ௦௙ᇱ೎

                                               Eq. 61                                           

 

Fig. 81: Information for calculating transverse and longitudinal indexes wt and wL: (a) 
membrane element; (b) beam cross section under shear, bending, and axial load; and (c) 
unsymmetrically reinforced sections. 
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Shear strength of a reinforced concrete section due to both longitudinal and transverse bars can 
be defined using non-dimensional indexes ߱௅ and ߱௧ and referring to Fig. 82.  

 

Fig. 82: Normalized shear strength curves (Rahal, 2000) 

 Based on this methodology, the approach can be applicable for corroded sections, too. 
Reduction in cross-section area of longitudinal and transverse reinforcement due to corrosion 
rate, reduction in effective width of the corroded section using Higgins et al. equations, and the 
most important, change in maximum stresses at bars due to debonding lead the investigator to be 
able to define shear capacity of corroded column. 
 

5.5 Lap Splices: 

Ductility of reinforced concrete members has an important role on seismic behavior of structural 
systems. Ductility is the ability of a structure or structural member to maintain its capacity during 
through post-elastic deformation. Past earthquakes indicate that non-ductile structures are more 
volnurable to severe damages or even collapse (Aboutaha et al., 1999). Adequate detailing of 
reinforced concrete and well confinement of RC members at regions where formation of plastic 
hinges is more probable, can improve ductility of a RC member. Plastic hinges are formed at 
regions with high flexural moment demand, above the foundation footing in bridges; where the 
common practice is splicing the longitudinal reinforcing bars (Harajli and Khalili, 2008). 
Therefore, any deficiencies in lap spliced region like corrosion leads the column to a non-ductile 
behavior and vulnerability of columns in seismic regions.  
 
The ideal form of failure of lap splices, in which the bars can develop their full potential strength 
before anchorage failure, is yielding of spliced bars and fracture near their loaded ends within the 
splice (Lin et al., 1998). Bond is the main problems of lap splices. Because of deficiencies such 
as short lap splices, small concrete covers and low amount of confining transverse reinforcement 
in most of the columns, failure of lap splice occurs due to loss of bond transfer and as a result, 
splitting of the concrete cover prior to yielding of longitudinal bars occurs.  
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Steel properties, concrete strength and cover, splice length and transverse reinforcement have 
significant influence on the behavior of lapped splices (Lin et al., 1998). Corrosion mainly 
changes the steel reinforcement section and ductility, integrates concrete and the most important, 
affects the concrete-steel interaction due to bond reduction (Rudriquez et al., 2006). 
Consequently, corrosion causes premature failure of lap splices. 
 
As mentioned above, bond is the main parameter detrmining the behavior of lap splices; 
specially in corroded columns. Bond stresses in lapped splice produce longitudinal, radial and 
circumferential tensile stresses (Lutz and Gergely, 1967). When the resulting stresses exceed the 
tensile strength of concrete, more cracks are formed. Steel bars have volumetric expansion due to 
corrosion products. This expansion generates micro-cracking in concrete which results in less 
strength and ductility of concrete. Therefore, in a corroded concrete, formation of cracks is 
progressive. When cracks formed, they propagate widely which results in quick bond 
deterioration and loss of shear stress transfer between steel and concrete. 
 
The ratio of concrete cover to bar diameter has an important role in defining the mode of failure 
of spliced bars; as the ratio is reduced due to corrosion, splitting of concrete cover is more 
probable to occur. Radial and circumferential tensile stresses tend to split the concrete cylinder 
cover around the lapped bars. Reduction in concrete area because of cracking and spalling of 
concrete in corroded column, decreses the effective cover thickness resulting in low bond 
strength. Therefore, low bond strength is achieved due to splitting of concrete cover because of 
corrosion-induced cracking (Coronelli and Gambarova, 2004). 
 
If lap splices had sufficient length to develop high stresses, less splitting forces per unit length of 
bars are developed. So, short lap splices doesn’t allow the stress in longitudinal bars to be 
developed to yielding stress. Bond deterioration proceeds progressively due to short lap splices 
which gets worse in corroded concrete elements. Furthermore, the amount and distribution of 
transverse reinforcement as confining parameter has a major effect on strength and energy 
dissipation of lapped splices. In addition, well-confined concrete core has increased compressive 
strength and delay crushing of concrete (Lin et al., 1998). For columns subjected to cyclic 
loading, confining reinforcement decreases deterioration of bond significantly (Fang et al., 
2006).  
 
During a seismic event, shear stresses transfer tensile stresses between tstarter bars and main 
column bars. Cracking and collection of rust products in corroded concrete decrease the shear 
capacity of it to carry these stresses (Aquino and Hawkins, 2007). Furthermore, bond stresses 
along the bars generate radial stresses which widen the cracks and causes more loss of bond, 
results in splitting of concrete cover. Therefore, lapped splices fail prior to yielding of 
longitudinal bars occurs.  
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Fig. 83: Conceptual model for damage due to 
corrosion in column specimens (Aquino and 

Hawkins, 2007) 

 

Fig. 84: Crack-damage pattern after 
corrosion and before cyclic load test. 

(Aquino and Hawkins, 2007) 

In order to calculate the flexural and shear capasity of corroded RC column section at lap splice 
region, it is required to determine the stress in the lap spliced bars, which is less than yielding 
stress. Bond stress,	߬, can be expressed in terms of stress in longitudinal bar,	 ௦݂, bar diameter, ݀௕, 
and embedment length, ݈௘, as: 

߬ ൌ ௙ೞௗ್
ସ௟೐

                                                           Eq. 62 

Several empirical models have been proposed to explain bond strength of corroded reinforcing 
bars. Cabrera (1996) presented bond strength of corroded RC specimens, ߬௖௢௥, based on pullout 
tests as: 

߬௖௢௥ ൌ 23.478 െ  ሻ                        Eq. 63ܽܲܯሺ									ܥ	1.313

Where; C is the persantage of corrosion level:  

ܥ ൌ ∆௪

௪
ൈ 100                                                              Eq. 64 

Where; ∆ݓ is the average mass loss of corroded bars and ݓ is the mass of original bars.  
Bond strength proposed by Lee et al. (2002) based on pullout tests of corroded RC specimens is 
as following: 

߬௖௢௥ ൌ 5.21݁ሺ଴.଴ହ଺ଵ஼ሻ								ሺܽܲܯሻ                                    Eq. 65 
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Stanish et al. (1999) presented bond strength of corroded RC members based on flexure tests as:  

߬௖௢௥ ൌ ሺ0.77 െ  ሻ                      Eq. 66ܽܲܯሺ								ሻඥ݂ᇱ௖ܥ	0.027

R, ratio of bond strength of corroded bar to bond strength of non-corroded bar was first defined 
by Chung et al. (2004) based on flexural tests: 

ܴ ൌ ܥ    ሺିଵ.଴଺ሻ       forܥ	2.09 ൐ 2.0%                             Eq. 67 

Bhargava et al. (2007) carried out experimental tests on corroded RC specimens based on both 
pullout and flexural tests and came about with the following equations: 

Model M-Pull (Based on pullout test) ൜
ܴ ൌ ܥ		ݎ݋݂																							1.0 ൑ 1.5%
ܴ ൌ 1.192݁ି଴.ଵଵ଻஼			݂ݎ݋		ܥ ൐ 1.5%

      Eq. 68 

Model M-Flex (Based on flexural test) ൜
ܴ ൌ ܥ		ݎ݋݂																							1.0 ൑ 1.5%
ܴ ൌ 1.346݁ି଴.ଵଽ଼஼			݂ݎ݋		ܥ ൐ 1.5%

     Eq. 69 

The equations are valid for up to 10% corrosion level for model M-Flex and up to 30% corrosion 
level for model M-Pull. Using model M-Flex has been considered more conservative by 
Bhargava et al. 
In current research, the M-Flex model proposed by Bhargava et al. has been used to presnt the 
stress of longitudinal bars in corroded lap splices.  

ܴ ൌ ఛ೎೚ೝ
ఛೞ೚ೠ೙೏

ൌ

೑ೞሺ೎೚ೝሻ೏್ሺ೎೚ೝሻ
ర೗೐ሺ೎೚ೝሻ

೑ೞሺೞ೚ೠ೙೏ሻ೏್ሺೞ೚ೠ೙೏ሻ
ర೗೐ሺೞ೚ೠ೙೏ሻ

			                               Eq. 70 

Considering embedment length of corroded and non-corroded bar is constant, the ratio can be 
simplified as: 

ܴ ൌ
௙ೞሺ೎೚ೝሻௗ್ሺ೎೚ೝሻ

௙ೞሺೞ೚ೠ೙೏ሻௗ್ሺೞ೚ೠ೙೏ሻ
                                     Eq. 71 

According to definition of corrosion level, C, ratio of corroded bar diameter to sound bar 
diameter can be expressed as: 
ௗ್ሺ೎೚ೝሻ
ௗ್ሺೞ೚ೠ೙೏ሻ

ൌ 1 െ ஼

ଵ଴଴
                                         Eq. 72 

Stress at non-corroded bar depends on ratio of embedment length to developing length. 

௦݂ሺ௦௢௨௡ௗሻ ൌ
௟೐ሺೞ೚ೠ೙೏ሻ
௟೏ሺೞ೚ೠ೙೏ሻ

௬݂ሺ௦௢௨௡ௗሻ                          Eq. 73 

Eventually, stress of corroded bar can be proposed by the following equation: 

 ൞
௦݂ሺ௖௢௥ሻ ൌ

௟೐ሺೞ೚ೠ೙೏ሻ
௟೏ሺೞ೚ೠ೙೏ሻ

௬݂ሺ௦௢௨௡ௗሻ																																			݂ݎ݋		ܥ ൑ 1.5%

௦݂ሺ௖௢௥ሻ ൌ
ଵ.ଷସ଺௘షబ.భవఴ಴

ଵି ಴
భబబ

௟೐ሺೞ೚ೠ೙೏ሻ
௟೏ሺೞ೚ೠ೙೏ሻ

௬݂ሺ௦௢௨௡ௗሻ													݂ݎ݋		ܥ ൐ 1.5%
               Eq. 74 
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Fig. 85 show stress ratio of corroded bar to non-corroded bar in terms of corrosion. Stress in 
corroded bar reduces significantly by increasing corrosion level. When corrosion level is 10%, 
lap splice fails due to bond failure while the stress at the bar is about just 20% of yielding stress 
for embedment length equil to development length.  

 

Fig. 85: Stress ratio of corroded bar to non-corroded bar 

 

 

Table 4: Stress ratio of corroded bar to non-corroded bar 

le/ld 
C 

1  0.9  0.8  0.7  0.6  0.5  0.4  0.3  0.2  0.1 

1  1.000  1.000  1.000  1.000 1.000 1.000 1.000 1.000  1.000 1.000

1.5  1.000  1.000  1.000  1.000 1.000 1.000 1.000 1.000  1.000 1.000

2  0.924  0.832  0.739  0.647 0.555 0.462 0.370 0.277  0.185 0.092

3  0.766  0.690  0.613  0.536 0.460 0.383 0.306 0.230  0.153 0.077

4  0.635  0.572  0.508  0.445 0.381 0.318 0.254 0.191  0.127 0.064

5  0.526  0.474  0.421  0.369 0.316 0.263 0.211 0.158  0.105 0.053

6  0.436  0.393  0.349  0.306 0.262 0.218 0.175 0.131  0.087 0.044

7  0.362  0.326  0.290  0.253 0.217 0.181 0.145 0.109  0.072 0.036

8  0.300  0.270  0.240  0.210 0.180 0.150 0.120 0.090  0.060 0.030

9  0.249  0.224  0.199  0.174 0.149 0.124 0.100 0.075  0.050 0.025

10  0.206  0.186  0.165  0.145 0.124 0.103 0.083 0.062  0.041 0.021
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6 Inadequate Foundation Capacity: 

6.1 Introduction: 

The behavior of a bridge during seismic events is very dependent on the strength and stiffness of 
its foundation system. The foundation system refers to abutments/piers, footings, and piles 
(FHWA). 

Deterioration in bridge foundation is usually more difficult to inspect compared to other bridge 
elements because it needs excavation above and around the footing and piles to visually inspect 
their integrity. There are many signs to indicate that the foundations are deteriorated or 
vulnerable to failure during an earthquake such as, but not limited to, tilting of a pier, flexural 
cracking of the column, sloughing of the fill around a footing, pulling away of the fill from a 
footing. However, the mode of failure is dependent on the type of soil as well as the detail of 
foundation (O’Connor 2010).  

FHWA classifies footing failures in one of two ways, the first type of foundation failure is 
caused by instabilities created in the soil during the seismic event resulting in large 
displacements of the foundation material. This type of failure also includes liquefaction or slope 
instability. 
The second type of foundation failure occurs due to excessive seismic forces transmitted from 
the structure itself, this type of failure involves the yielding or rupture of foundation elements. 
This type of failure includes concrete and/or steel failure, bearing failure of the soil, footing 
failure due to sliding or overturning, and pile failure. These types of failure may result in a 
ductile behavior or in a sudden brittle failure (FHWA).  
However, mode of failure of footing usually depends on the type of footing. But even if the 
footing failure will not cause a total collapse of the structure, it is still important to be able to 
determine the capacity of the footing when evaluating a bridge. 
The effect of corrosion on the two major types of footing in bridge construction which are: 
spread and pile footing will be discussed in this chapter. 

6.2 Spread footings: 

It is extremely important to determine the capacity of the footing to resist the loads transmitted 
from the column or pier. The following modes of failure usually occur in spread footing, Fig. 86, 
and govern the interaction between the vertical load and the moment capacity (FHWA): 
• Tilting of the footing due to a soil bearing failure. 
• Flexural yielding of footing reinforcing. 
• Concrete shear failure of the footing. 
• Bond failure of the main column steel. 
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Fig. 86: Modes of failure for spread footings (FHWA) 

 

6.2.1 Tilting of the footing due to a soil bearing failure: 

Bearing capacity is the power of foundation soil to hold the forces from the superstructure 
without undergoing shear failure or excessive settlement.  
This mode of failure is unlikely to occur in a deteriorated footing during an earthquake. This is 
because the deterioration of concrete and steel due to corrosion of steel reinforcement will 
decrease the strength, stiffness, and cross section of the footing, which will cause the footing to 
be vulnerable to other modes of failure during earthquake ground motion. However, according to 
the FHWA, this mode of failure will occur in an un-deteriorated footing if neither shear nor 
flexural failure occurs. By assuming that various areas of the footing are loaded with a uniform 
pressure equal to the ultimate soil pressure, one can calculate the interaction between axial force 
and moments at the yield capacity of the footing. This will produce an interaction surface that 
will indicate the possibility of bearing failure only at the locations where this surface falls within 
the column interaction surface factored for overstrength. Ultimate soil bearing pressure can 
usually be taken as three times the design allowable value (FHWA). 
 
As mentioned above, this mode of failure is not critical. In fact, Caltrans considers this mode of 
failure to be acceptable because it does not cause a total collapse of the structure. FHWA states 
that if the bridge is not required to perform to a higher level, retrofitting would not be 
considered. In other words, retrofitting is required if the structure is expected to meet certain 
functionality criteria immediately following an earthquake. 
 
However, according to AASHTO, the overturning demand due to forces associated with the 
plastic overstrength moment of a column or wall shall be less than the overturning resistance of 

Soil Bearing
    Failure

   Concrete
Shear Failure

Flexural Yielding
  of Reinforcing
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the footing, and the location of the resultant shall be limited as described below. Overturning 
shall be examined in each principal direction and satisfy the following requirement: 

௣௢ܯ ൅ ௣ܸ௢ܪ௙ ൑ ϕ ௨ܲ ቀ
௅ି௔

ଶ
ቁ  Eq. 75 

in which: 

ܽ ൌ ௨ܲ

ܤ௡ݍ
 

 
Where: 
Mpo = overstrength plastic moment capacity of the column calculated in accordance with 
AASHTO Guide Specifications for LRFD Seismic Bridge Design Article 8.5 (kip-ft) 
Vpo = overstrength plastic shear demand (kip) 
Hf = depth of footing (ft) 
Pu = axial force in column including the axial force associated with overstrength plastic hinging 
calculated in accordance to AASHTO Guide Specifications for LRFD Seismic Bridge Design 
Article 4.11 (kip) 
L = length of footing measured in the direction of loading (ft) 
B = width of footing measured normal to the direction of loading (ft) 
qn = nominal bearing capacity of supporting soil or rock (ksf) 
Φ = resistance factor for overturning of footing taken as 1.0   
 
In addition, AASHTO states that the location of the resultant of the reaction forces shall be 
located within the middle two-thirds of the base, if no live loads present. Otherwise, AASHTO 
Guide Specifications for LRFD Seismic Bridge Design Article 6.39 is applicable. If full live load 
is present, then the resultant shall be within the middle eight-tenth of the base. If live load acts to 
reduce eccentricity, then it shall not be included in the check of overturning. However, 
deterioration of footing due to corrosion of reinforcing steel bars will cause the length and the 
width, of the footing to decrease. This might increase the risk of risk of overturning of footing 
during an earthquake as shown in Fig. 87. 
 

௣௢ܯ  ൅ ௣ܸ௢ܪ௙ ൑ ϕ ௨ܲ ቀ
௅ି௔

ଶ
ቁ  Eq. 75   

 
Equation 76 must be satisfied at all times to insure that the footing is not subjected to overturning 
during seismic events. 
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Fig. 87: Delamination of concrete leading to decrease the length of footing 

 

6.2.2 Flexural yielding of footing reinforcement: 

This mode of failure is caused by yielding of the main longitudinal bars in the footing. It is 
usually associated with localized concrete crushing of the top surface of the footing, near the pier 
column (O’Connor 2010).  Unlike concrete shear failure, this mode of failure will not result in a 
sudden loss of overturning resistance. However, when designing a bridge, ductile yielding in the 
footing is avoided. This is because of the difficulties associated with inspecting and repairing the 
foundations. Unless it is particularly extensive, yielding of the main longitudinal bars in the 
footing will not cause a total collapse of the structure but will result in structural damage. Thus, 
the prospects of yielding in the footing do not justify seismic retrofitting existing structures. As a 
matter of fact, yielding of footing can have beneficial effect, because it can reduce shear and 
flexural in columns and therefore eliminate the chances of a sudden and brittle column failure 
(FHWA). 
 
As mentioned above, extensive yielding of the main longitudinal bars in the footing might cause 
a total collapse of the structure. Taking into account the yield strength and the decreased cross-
sectional area of the corroded bars, corrosion of longitudinal bars can result in a total collapse of 
the structure. This because corrosion results in less bar diameter as well as less yield strength, 
this means that the corroded reinforcing bars will yield and then rupture under smaller tensile 
force compared to the non-corroded bars. Assuming that there is a perfect bond between concrete 
and steel, corrosion will lead to loss in nominal moment capacity, the moment capacity must be 
checked in both the in the longitudinal and the transversal directions as follows (Fig. 88) 
AASHTO LRFD Bridge Design Specifications Articles (5.7.3.2.1-1, 5.7.3.2.1-1): 

௥ܯ ൌ  ௡    Eq. 76ܯ߶
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௡ܯ				 	ൌ ௦௣ܣ	 ௦݂௣ ቀ݀௣	–
ܽ
2
ቁ ൅ ௦ܣ ௦݂ ቀ݀௦	–

ܽ
2
ቁ െ ᇱ௦݂ᇱ௦ܣ ቀ݀

ᇱ
௦	–

ܽ
2
ቁ 

൅0.85 ௖݂
ᇱሺܾ െ ܾ௪ሻ݄௙ ቀ

௔

ଶ
െ

௛೑
ଶ
ቁ  Eq. 77 

 

where: 
Aps = area of prestressing steel (in. 2) 
f'ps = average stress in prestressing steel at nominal bending resistance specified in Eq. 5.7.3.1.1-
1 (ksi) 
dP = distance from extreme compression fiber to the centroid of prestressing tendons (in.) 
As = area of nonprestressed tension reinforcement (in. 2) 
fs = stress in the mild steel tension reinforcement at nominal flexural resistance (ksi) as specified 
in Article 5. 7 .2.1 
ds = distance from extreme compression fiber to the centroid of nonprestressed tensile 
reinforcement (in.) 
A's = area of compression reinforcement (in.2) 
f's = stress in the mild steel compression reinforcement at nominal flexural resistance (ksi), as 
specified in Article 5.7.2.1 
d's = distance from extreme compression fiber to the centroid of compression reinforcement (in.) 
f'c = specified compressive strength of concrete at 28 days, unless another age is specified (ksi) 
b = width of the compression face of the member; for a flange section in compression, the 
effective width of the flange as specified in Article 4.6.2.6 (in.) 
bw = web width or diameter of a circular section (in.) 
β1 = stress block factor specified in Article 5.7.2.2 
hf = compression flange depth of an I or T member (in.) 
α = cβ1; depth of the equivalent stress block (in.) 
 
The assumption of perfect bond between concrete and steel was drawn because with the loss of 
bond, there will be no yielding in the rebars and this mode of failure will not occur. The decrease 
of As, fy, will lead to decrease in the footing capacity leading to yielding of the tensile 
reinforcement under a smaller loading. The above equation should be checked using the corroded 
steel cross-section area and yield strength. However, this should be checked at the moment 
critical section which is taken at the face of the column in accordance with AASHTO Article 
(5.13.3.4), (Fig. 88). 
 
According to the AASHTO Specifications, the capacity should be sufficient to resist uniform 
footing pressures of 1.3 times the ultimate soil bearing capacity. Flexural yielding of the footing 
will cause the column shear force to be limited in order to satisfy static equilibrium.” 
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Fig. 88: Reinforcement of footing in longitudinal and transversal directions 

 

6.2.3 Shear failure of Concrete footing: 

This mode of failure could be very serious because it can cause a sudden loss of overturning 
resistance. In order to prevent shear failure, the shear capacity at the critical section determined 
according to the AASHTO specifications must be sufficient to resist a uniform pressure equal to 
1.3 times the ultimate soil bearing capacity (FHWA). 
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Check design shear strength AASHTO Article (5.8.3.3) 
According to AASHTO Article (5.13.3.6.1), the most critical of the following conditions shall 
govern the design for shear: 
 
• One-way action, with a critical section extending in a plane across the entire width and located 
at a distance taken as specified in Article (5.8.3.2). This distance dv is from the internal face of 
the support. 
• Two-way action, with a critical section perpendicular to the plane of the slab and located so 
that its perimeter, bo, is a minimum but not closer than 0.5dv to the perimeter of the concentrated 
load or reaction area. 
in which: 

݀௩ ൌ
ெ೙

஺೛ೞ௙೛ೞା஺ೞ௙೤
             Eq. 78 

When determining the one-way shear resistance, it must be calculated for longitudinal and 
transversal faces and it must be satisfy the requirements specified in AASHTO Article 5.8.3. 
Where the factored shear resistance Vr shall be taken as AASHTO Article (5.8.2.1-2): 

௥ܸ ൌ ߶ ௡ܸ    Eq. 79 

The nominal shear resistance for longitudinal face, Vnx, is taken as the lesser of AASHTO Article 
(S5.8.3.3): 

௡ܸ ൌ 	 ௖ܸ 	൅ 	 ௦ܸ 	൅ 	 ௣ܸ    Eq. 80 

Or 

௡ܸ ൌ 	0.25 ௖݂
ᇱܾ௩݀௩ 	൅	 ௣ܸ          Eq. 81  

in which: 

௖ܸ ൌ √	ߚ0.0316	 ௖݂
ᇱܾ௩݀௩       Eq. 82 

if the procedures of Articles 5.8.3.4.1 or 5.8.3.4.2 are used 
and Vc = the lesser of Vci and Vcw if the procedures of Article 5.8.3.4.3 are used 

௦ܸ ൌ
஺ೡ௙ೡௗೡሺୡ୭୲ఏାୡ୭୲ఈሻ

௦
                 Eq. 83 

Where transverse reinforcement consists of a single longitudinal bar or a single group of parallel 
longitudinal bars bent up at the same distance from the support, the shear resistance Vs provided 
by these bars shall be determined as: 

௦ܸ ൌ ௩ܣ ௬݂ sin ߙ ൑0.095√ ௖݂
ᇱܾ௩݀௩        Eq. 84 

where: 

bv = effective web width taken as the minimum web width within the depth dv as determined in 
Article 5.8.2.9 (in.) 
dv = effective shear depth as determined in Article 5.8.2.9 (in.) 
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s = spacing of transverse reinforcement measured in a direction parallel to the longitudinal 
reinforcement (in.) 
β = factor indicating ability of diagonally cracked concrete to transmit tension and shear as 
specified in Article 5.8.3.4 
θ = angle of inclination of diagonal compressive stresses as dete1mined in Article 5.8.3.4 
(degrees); if the procedures of Article 5.8.3.4.3 are used, cot θ is defined therein 
α = angle of inclination of transverse reinforcement to longitudinal axis (degrees) 
Av = area of shear reinforcement within a distance s (in.2) 
Vp = component in the direction of the applied shear of the effective prestressing force; positive 
if resisting the applied shear; Vp = 0 when Article 5.8.3.4.3 is applied (kip) 
 
In the same article 5.8.2.9, AASHTO Specifications also state that where bent longitudinal 
reinforcement is used, only the center three-fourths of the inclined portion of the bent bar shall 
be considered effective for transverse reinforcement.  Where more than one type of transverse 
reinforcement is used to provide shear resistance in the same portion of a member, the shear 
resistance Vs shall be determined as the sum of Vs values computed from each type. Where shear 
resistance is provided by bent longitudinal reinforcement or a combination of bent longitudinal 
reinforcement and stirrups, the nominal shear resistance shall be determined using the simplified 
procedure in accordance with Article 5.8.3.4.1. 
 
AASHTO Article 5.13.3.6.3 states that for two–way action for sections without transverse 
reinforcement, the nominal shear resistance, Vn in Kips, of the concrete shall be taken as: 

௡ܸ 		ൌ 	 ቀ0.063	 ൅
଴.ଵଶ଺

ஒ೎
ቁ √ ௖݂

ᇱܾ௢݀௩ ൑ 0.126√ ௖݂
ᇱܾ௢݀௩  Eq. 85 

where: 
βc = ratio of long side to short side of the rectangle through which the concentrated load or 
reaction force is transmitted 
bo = perimeter of the critical section (in.) 
dv = effective shear depth (in.) 
For two–way action for sections with transverse reinforcement, the nominal shear resistance, Vn 
in Kips, of the concrete shall be taken as: 

௡ܸ ൌ 	 ௖ܸ 	൅ 	 ௦ܸ 	൑ 0.192√ ௖݂
ᇱܾ௢݀௩   Eq. 86 

in which: 

௖ܸ ൌ √	ߚ0.0632	 ௖݂
ᇱܾ௩݀௩    Eq. 87 

௦ܸ ൌ
஺ೡ௙೤ௗೡ

௦
      Eq. 88 

where: 
Av = area of shear reinforcement within a distance s (in.2) 
fy = yield strength  
dv = effective shear depth as determined in Article 5.8.2.9 (in.) 
s = spacing of transverse reinforcement measured in a direction parallel to the longitudinal 
reinforcement (in.) 
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Higgins et al., (2003), suggested two methods for calculating the residual shear capacity of a 
deteriorated section, average area and local minimum area within a shear length of d. The first 
method depends on determining the average area within a shear length of d by calculating the 
number of stirrups, n, crossing a potential diagonal crack oriented at an angle of 45o as: 

݊ ൌ ௗ

௦
      Eq. 89 

where: 
n = number of stirrups crossing a potential diagonal crack oriented at an angle of 45o 
s = stirrup spacing 
d = depth of the section 

Then the average area ( Ãvi ) for each stirrup was determined by summing the average area 
measurements of each leg: 

Ã௩௜ ൌ Ã௟௘௚ଵ ൅ Ã௟௘௚ଶ   Eq. 90 

The average stirrup area within the region is determined by computing an equivalent stirrup area 
to be applied at the same spacing as that of the undamaged stirrups: 

Ã௩ ൌ
෌ Ãೡ೔

೙
೔సభ

௡
   Eq. 91 

According to Higgins et al., 2003, this method can provide a decent estimation of the residual 
capacity. However, for beams with wider spacing of stirrups and more than one sequential stirrup 
completely corroded, the smallest area for each stirrup ( Àvi ) is determined by summing the local 
minimum area measurements for each leg: 

À௩௜ ൌ À௟௘௚ଵ ൅ À௟௘௚ଶ  Eq. 92 

And the minimum stirrup area within the region is determined by computing an equivalent 
stirrup area to be applied at the same spacing as that of the undamaged stirrups: 

À௩ ൌ
෌ Àೡ೔

೙
೔సభ

௡
  Eq. 93 

Both of the above method can be used in the case of stirrups or bent up bars by taking the 
average area of the corroded bent up bars within a width of 12 in. which can be considered the 
width of the cross-section and within a shear length of d. 
In addition, Higgins et al., 2003, in their experimental study estimated the concrete damage due 
to corrosion as shown in Fig. 79. They found that when the spacing between stirrups is large 
enough, there is non-overlapping spall damage, on the other hand, when the space between 
stirrups is small, spall wedges will begin to interact and the entire cover area may spall. They 
also found that the angle of discrete spalls is approximately 20o.  

Therefore they estimated the effective concrete width of the beam available to resist shear as: 

ܾ௘௙௙ ൌ ܾ െ 2ሺܿ௩ ൅ ߶௩ሻ ൅
௦

ହ.ହ
				if	s	 ൑ 5.5 ൉ c  Eq. 94 
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ܾ௘௙௙ ൌ ܾ െ ௦

ହ.ହ
ሺܿ௩ ൅ ߶௩ሻଶ											if	s ൐ 5.5 ൉ ܿ  Eq. 95 

where: 
b = original undamaged beam width (in.) 
cv = concrete cover (in.) 
�v = stirrup diameter (in.) 
s = stirrup spacing (in.) 
This effective width can be used in computing the residual nominal shear resistance of the 
concrete. 
 

6.2.4 Bond failure of the main column steel: 

Bond or anchorage failure is caused by pullout of the column main longitudinal bars from the 
pile cap, as well as concrete conical failure at individual bars (O’Connor 2010). 
This mode of failure could result in serious consequences such as a structural collapse. 
Moreover, this mode of failure is considered to be the most critical of all foundations’ collapse 
modes and the strength of anchorage of the column main reinforcement in the footing must be 
evaluated in order to prevent this mode of failure. Bond failure usually occurs when the 
anchorage is not sufficient, this means the yield capacity of the reinforcement cannot be reached 
and the failure will occur before the column reaches its ultimate capacity. However, because the 
concrete tensile strength is usually sufficient to prevent cracking, a reduction in the effectiveness 
for the unanchored spread footing is usually not a problem (FHWA). 
This mode of failure causes a sudden loss of flexural strength due to the loss of anchorage. 
AASHTO states that column longitudinal reinforcement shall be extended into footing and cap 
beams as close as practically possible to the opposite face of the footing or the cap beam. In 
addition, the anchorage length for longitudinal column bars developed into the cap beam or 
footing for seismic loads shall satisfy: 

݈௔௖ ൌ
଴.଻ଽௗ್೗௙೤೐

ට௙೎
ᇲ

    Eq. 96 

Where: 
lac = anchored length of longitudinal reinforcing bars into the cap beam or footing (in.) 
dbl = diameter of the longitudinal column bar (in.) 
fye = expected yield strength of the longitudinal reinforcement (ksi) 
f’c = nominal compressive strength of concrete (ksi) 
For SDC D, the anchorage length should not be reduced by means of adding hooks or 
mechanical anchorage devices. If hooks are provided, the tails should be pointed inward toward 
the joint core. 
However, FHWA states that the effective anchorage length for straight anchorage, in mm or in. 
is given by: 

௔ሺ݀ሻܮ ൌ
ଶ.଺ଶ଺௄ೞௗ್

൬ଵାమ.ఱ೎
೏್

ା௄೟ೝ൰ට௙೎
ᇲ
൒ 30݀௕			ሺ݉݉, ݇ܲܽሻ  Eq. 97 
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௔ሺ݀ሻܮ ൌ
௄ೞௗ್

൬ଵାమ.ఱ೎
೏್

ା௄೟ೝ൰ට௙೎
ᇲ
൒ 30݀௕			ሺ݅݊,  ሻ   Eq. 98݅ݏ݌

where: 
ks = constant for reinforcing steel with a yield stress of fy (kPa or psi), i.e., 
௙೤ି଻ହ,଼ସହ

ଷଷ.ଵ
݇ܲܽ  or   

௙೤ିଵଵ,଴଴଴

ସ.଼
 ݅ݏ݌

db = nominal bar diameter (mm or in.) 
f’c = concrete compression strength (kPa or psi) 
c = lesser of the clear cover over the bar, or half the clear spacing between adjacent bars 

݇௧௥ ൌ
஺೟ೝሺ௖ሻ௙೤೟
ସଵଷ଻௦ௗ್

൑ 2.5	ሺ݉݉, ݇ܲܽሻ   Eq. 99 

݇௧௥ ൌ
஺೟ೝሺ௖ሻ௙೤೟
଺଴଴௦ௗ್

൑ 2.5	ሺ݅݊,  ሻ   Eq. 100݅ݏ݌

Atr(c) = area of transverse reinforcing normal to potential splitting cracks (when splitting will 
occur between several bars in a row, Atr(c) is the total of the transverse steel crossing the 
potential crack divided by the number of longitudinal bars in the row) 
fyt = yield stress of transverse reinforcement (kPa or psi) 
s = spacing of transverse reinforcement (mm or in) 
Note that the value for c/db should not be taken more than 2.5. 
 
For anchorage with 90° standard hooks, the effective anchorage length, in mm or in, is: 

௔ሺ݀ሻܮ ൌ 1200݇௠݀௕ ቌ
ሺଶ.଺ଶ଺ሻ௙೤

଺଴଴଴ට௙೎
ᇲ
ቍ ൒ 15݀௕			ሺ݉݉, ݇ܲܽሻ  Eq. 101 

௔ሺ݀ሻܮ  ൌ 1200݇௠݀௕ ቌ
௙೤

଺଴଴଴ට௙೎
ᇲ
ቍ ൒ 15݀௕			ሺ݅݊,   ሻ  Eq. 102݅ݏ݌

where km is 0.7 for #11 bars or smaller, when the side cover (normal to plane of the hook) is not 
less than 63 mm (2.5 in), and the cover on the bar extension beyond the hook is not less than 50 
mm (2 in), and 1.0 for all other cases (FHWA 2006). 
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Fig. 89: Effective anchorage length of longitudinal reinforcement (EHWA 2006) 

Note that in equations by AASHTO and FHWA, the effective anchorage length is a function of 
bar diameter, concert compressive strength, and yield strength for steel. However, FHWA 
equations take into account area, bar spacing, and yield strength of transverse reinforcement. 
The above equations are based on the assumption that the bond between steel and concrete is 
perfect. Corrosion decreases this bond because it causes degradation of the rib height of the 
deformed bars, which in turn decreases the interlocking forces between the ribs of the deformed 
bars and the surrounding concrete. This reduces the bond between concrete and steel causing a 
bond failure under smaller loads. Many researchers investigated the relationship between the 
reinforcement corrosion and the bond strength in reinforced concrete, some of them presented 
empirical equations to calculate the bond strength based on pullout tests or based on flexural 
tests on concrete reinforced specimens. 
 
Cabrera (1996) suggested an equation for the bond strength for normal Portland cement concrete 
based on corrosion level as follows: 

߬௕௨ ൌ 23.478 െ 1.313ܺ௣	ሺܽܲܯሻ  Eq. 103 

Lee et al. (2002) presented the following equation: 

߬௕௨ ൌ 5.21݁଴.଴ହ଺ଵ௑೛	ሺܽܲܯሻ   Eq. 104 

Stanish et al. (1999) suggested the following equation that takes into account the concrete 
compressive strength: 

߬௕௨ ൌ √ ௖݂
ᇱሺ0.77 െ 0.027ܺ௣ሻ   Eq. 105 

where: 
τbu = bond strength 
Xp = corrosion level 
f’c = concrete compressive strength 

Hooked bar Straight bar

la(d)

Column
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Chung et al. (2004), proposed the normalized bond strength which is the ratio of bond strength at 
any corrosion level to the original bond strength for an un-corroded specimen in the following 
equation: 

ܴ ൌ 2.09ܺ௣
ሺିଵ.଴଺ሻ	   for  Xp ≥ 2.0%  Eq. 106 

where: 
R = normalized bond strength 
Xp = corrosion level 
Bhargava et al. (2007) presented the following equations based on pullout tests: 

ܴ ൌ 1.0	   for  Xp ≤ 1.5%   Eq. 107 

ܴ ൌ 1.192݁ି଴.ଵଵ଻௑೛	   for  Xp ≥ 1.5%  Eq. 108 

Bhargava et al. (2007) also suggested the following equations based on flexural tests: 

ܴ ൌ 1.0	   for  Xp ≤ 1.5%   Eq. 109 

ܴ ൌ 1.346݁ି଴.ଵଽ଼௑೛	   for  Xp ≥ 1.5%  Eq. 110 

Chung et al. (2004),  also presented an analytical model to calculate the residual flexural strength 
of beams. AASHTO equations, discussed above, for the effective anchorage length of the 
column reinforcing bars that should be imbedded in the footing are based on a perfect bonding 
between concrete and steel. This will allow steel to reach its yielding strength prior to failure. 
With the decrease of yield strength of steel, and bond between steel and concrete due to 
corrosion, the collapse will occur under lower loads, and the steel will not be able to reach its 
yield strength before collapse. The decrease in bond strength can be estimated from the above 
equations. 
 

6.3 Pile footing: 

Fig. 90 shows the different potential modes of failure of bridge foundations during ground 
motion. Theses modes can be listed as follows: 

- Pile Overload 
- Concrete shear failure 
- Flexural yielding of reinforcement 
- Pile pullout 
- Anchorage failure 
- Pile flexural and/or shear failure 
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Fig. 90: Different types of foundation failure (Saad et al. 2010) 

 

6.3.1 Pile pullout: 

Pile Pullout is caused by anchorage failure of the pile main longitudinal bar due to inadequate 
embedment into the pile cap. Such mode of failure is associated with tilting of the pile cap 
(O’Connor 2010). The footing capacity will be controlled by pile failure if neither shear nor 
flexural failure occurs in the footing. A lower ductility indicator is suggested when there is a risk 
of pullout failure. This is because of the brittle nature of this type of failure. However, this mode 
of failure does not cause a total collapse of the structure, and thus considered acceptable by 
Caltrans. Retrofitting is required only if the bridge is expected to perform at a higher level. In 
other words, retrofitting is considered is the structure is required to meet certain functionality 
criteria immediately after the earthquake (FHWA 2006). The damage at the pile to cap 
connection usually occurs due to excessive displacements and bending strains concentrated near 
pile head, especially when combined with large structural inertial loads. 
 
AASHTO Specifications indicate that the tops of piles shall project at least 12 in. into the pile 
cap after all damaged material has been removed. If the pile is attached to the cap by embedded 
bars or strands, the pile shall extend no less than 6 in into the cap. Where a reinforced concrete 
beam is cast-in-place and used as a bent cap supported by piles, the concrete cover on the sides 
of the piles shall not be less than 6 in., plus an allowable for permissible pile misalignment. 
Where pile reinforcement is anchored in the cap satisfying the requirements of Article 5.13.4.1 
which states that the reinforcement shall be developed sufficiently to resist 1.25fyAs, the 
projection may be less than 6 in. However, AASHTO Guide Specifications for LRFD Seismic 
Bridge Design, Article 6.6.4 states that embedment of pile reinforcement in the footing cap shall 
be in accordance with Article 8.8.4 which requires the anchorage length for longitudinal column 
bars developed into the cap beam or footing for seismic loads for SDCs C and D shall satisfy: 

Pile Overload

Pile Pullout

   Concrete
Shear Failure

Flexural Yielding
  of Reinforcing

Anchorage
   Failure

Pile Flexural and/or
    Shear Failure
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݈௔௖ ൒
଴.଻ଽௗ್೗௙೤೐

ට௙೎
ᇲ

  Eq. 111 

where: 
lac = anchored length of longitudinal reinforcing bars into the cap beam or footing (in.) 
dbl = diameter of the longitudinal column bar (in.) 
fye = expected yield stress of the longitudinal reinforcement 
f’c = nominal compressive strength of concrete (ksi) 
For SDC D, the anchorage length shall not be reduced by means of adding hooks or mechanical 
anchorage devices. If hooks are provided, the tails should be pointed inward toward the joint 
core. With corrosion of longitudinal reinforcement of the pile, the bar diameter and yield stress 
of the bars will decrease as discussed in Eqs.2, 3. Corrosion will also decrease the bond between 
steel and concrete which will cause the pile pull out from the footing causing a local collapse. 
However, as mentioned above, this mode of failure does not cause a total collapse of the 
structure, and thus considered acceptable by Caltrans. Retrofitting is required only if the bridge is 
expected to perform at a higher level. In other words, retrofitting is considered is the structure is 
required to meet certain functionality criteria immediately after the earthquake (FHWA 2006). 
 

6.3.2 Pile flexural and/or shear failure: 

This mode of failure is stated be FHWA as a pile flexural and/or shear failure. However, 
O’Conner didn’t consider pile flexural failure as a seismic collapse mechanism. This is because 
pile shear failure is more common and critical than flexural failure. “Pile Shear Failure is caused 
by lateral movement of the pile cap and inadequate pile shear strength due to lack of adequate 
shear reinforcement. This mode of failure is associated with lateral movement of the pile cap” 
(O’Conner 2010).  
AASHTO Guide Specifications for LRFD Seismic Bridge Design, Article 8.16.1 states that for 
SDC C or D where piles are not designed as capacity-protected members (i.e., piles, pile shafts, 
pile extensions where plastic hinging is allowed in soft soil E or F, liquefaction case), the upper 
portion of every pile shall be reinforced and confined as a potential plastic region as specified in 
Article 4.11. 
The above Article also requires spiral reinforcement or equivalent ties of not less than NO. 3 bars 
shall be provided at a pitch not exceeding 9.0 in., except that a 3.0-in. pitch shall be used within a 
confinement length of not less than 4.0 ft below the pile cap reinforcement. For cast-in-place 
piles, the 3.0-in. pitch may be extended to 4.0 in. For cast-in-place and precast concrete piles, 
longitudinal steel shall be provided for the full length of the pile. In the upper two-thirds of the 
pile, the longitudinal steel ratio shall not be less than 0.007. Longitudinal reinforcement shall be 
provided by no fewer than four bars. However, AASHTO states that the shear reinforcement 
requirements specified in Article 8.6 shall apply. 
Article 8.6 states that the column shear capacity within the plastic hinge region as specified in 
Article 4.11.7 shall be calculated on the basis of the nominal material strength properties and 
shall satisfy: 

ϕୱ ௡ܸ ൒ ௨ܸ  Eq. 112 

in which: 
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௡ܸ ൌ ௖ܸ ൅ ௦ܸ  Eq. 113 

where: 
�s = 0.90 for shear capacity of member  
Vn = nominal shear capacity of member (kips) 
Vc = concrete contribution to shear capacity (kips) 
Vs = reinforcing steel contribution to shear capacity (kips) 
The concrete shear capacity, Vc, of members designed for SDCs B, C, and D shall be taken as: 

௖ܸ ൌ  ௘  Eq. 114ܣ௖ݒ

in which: 

௘ܣ ൌ   ௚  Eq. 115ܣ0.8

If Pu is compressive: 

௖ݒ ൌ ᇱߙ0.032 ൬1 ൅
௉ೠ
ଶ஺೒

൰√ ௖݂
ᇱ ൑ min ቊ

0.11√ ௖݂
ᇱ

√′ߙ0.047 ௖݂
ᇱ
  Eq. 116 

otherwise: 
௖ݒ ൌ 0 

For circular columns with spiral or hoop reinforcing: 

0.3 ൑ ᇱߙ ൌ ௙ೞ
଴.ଵହ

൅ 3.67 െ ஽ߤ ൑ 3  Eq. 117 

௦݂ ൌ ρୱ ௬݂௛ ൑ 0.35    Eq. 118 

ρୱ ൌ
ସ஺ೞ೛
௦஽ᇲ

     Eq. 119 

For rectangular columns with ties: 

0.3 ൑ ᇱߙ ൌ ௙ೢ

଴.ଵହ
൅ 3.67 െ ஽ߤ ൑ 3  Eq. 120  

௦݂ ൌ 2ρ୵ ௬݂௛ ൑ 0.35    Eq. 121  

ρ୵ ൌ ஺ೡ
௕௦

     Eq. 122  

where: 
Ag = gross area of member cross-section (in.2) 
Pu = ultimate compressive force acting on section (kips) 
Asp = area of spiral or hoop reinforcing bar (in.2) 
s = pitch of spiral or spacing of hoops or ties (in) 
For members that are reinforced with circular hoops, spirals, or interlocking hoops or spirals, the 
nominal shear reinforcement strength, Vs, shall be taken as: 

௦ܸ ൌ
గ

ଶ
ቀ
௡஺ೞ೛௙೤೓஽ᇲ

௦
ቁ   Eq. 123 
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where:  
n = number of individual interlocking spiral or hoop core sections 
Asp = area of spiral or hoop reinforcing bar (in.) 
fyh = yield stress or spiral or hoop reinforcement (ksi) 
D’ = core diameter of column measured from center of spiral or hoop (in) 
s = pitch of spiral or spacing of hoop reinforcement (in.) 
The same method suggested by Higgins et al., 2003, and discussed above in “Concrete shear 
failure of footing” can be applied to members that are reinforced circular hoops, spirals, or 
interlocking hoops or spirals.  
 
In this case the average area of each hoop or 360o circle spiral can be taken using few 
measurements, and then the average stirrup area within the region of D (pile diameter) is 
determined by computing an equivalent stirrup area to be applied at the same spacing as that of 
the undamaged stirrups: 

Ã௩ ൌ
෌ Ãೡ೔

೙
೔సభ

௡
    Eq. 124 

where: 
Ãvi = average area of corroded spiral or hoop reinforcing bar by taking measurements at different 
locations 
n = number of stirrups crossing a potential diagonal crack oriented at an angle of 45o 

݊ ൌ
݀
ݏ

 

where: 
s = stirrup spacing 
d = depth of the section 
 
The same procedure as above can be used when minimum areas are to be computed when more 
than one sequential stirrup is completely corroded. In this case the minimum area of each hoop 
or 360o circle spiral is measured and then average stirrup area within the region of D (pile 
diameter) is determined by computing an equivalent stirrup area to be applied at the same 
spacing as that of the undamaged stirrups. 
The effective concrete width of the beam available to resist shear can be calculated using  
 
ܾ௘௙௙ ൌ ܾ െ 2ሺܿ௩ ൅ ߶௩ሻ ൅

௦

ହ.ହ
				if	s	 ൑ 5.5 ൉ c  Eq. 94 

 
ܾ௘௙௙ ൌ ܾ െ ௦

ହ.ହ
ሺܿ௩ ൅ ߶௩ሻଶ											if	s ൐ 5.5 ൉ ܿ  Eq. 95. 
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Fig. 91: stirrup area within the region of D (pile diameter) 

 

7 SEISMIC RETROFIT OF CONCRETE BRIDGES WITH CFRP 
COMPOSITES 

Reinforced concrete bridges constructed prior to 1970 are very vulnerable to earthquakes.  
Corrosion of steel bars compounds the deficiencies of concrete bridge columns.  The first 
main step for seismic retrofit of deteriorated concrete bridge components is the restoration of 
the original condition of the bridge.  Lost steel sections and spalled concrete should be 
replaced, and the bond between the steel rebars and the surrounding concrete should be 
restored.  This is very critical for superstructure joints, and columns with corroded lap splice 
in the longitudinal reinforcement. Restoration to the original condition should be associated 
with adoption of corrosion protection system. Depending on the details of the pedestals, 
restrainers and or support extension near the bearings (under the girders) might be needed. 

In corrosive environments, deterioration of bridge columns starts with the corrosion of the 
transverse reinforcement, as they are the closest to the exterior surface of the column.  
Corrosion and lack of adequate amount of transverse reinforcement are major deficiencies 
that lead to one or combination of the followings during a seismic event: 

 

1. Crushing of flexural plastic hinge region(s).  This mode of failure is typically 
associated with flexural cracking, crushing and spalling of concrete cover, 
buckling of longitudinal steel rebars, and possibly crushing of the concrete core. 

2. Shear failure.  Lack of adequate amount of transverse shear reinforcement results 
is shear strength much smaller that the shear demand associated with the 
development of the flexural strength, and consequently resulting in shear failure.  
This brittle mode of failure is typically associated with diagonal cracks, spalling 
of concrete cover, and rupture or opening of the transverse reinforcement. 

Shear crack

D D
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3. Premature flexural failure due to inadequate lap splice in the longitudinal 
rebars.  For ease of construction, the longitudinal rebars of bridge columns are 
lap spliced at the bottom of the column (in a potential plastic hinge region).   The 
fact that the flexural demand in the plastic hinge regions is fairly high, premature 
failure of the lap splice results in limited ductility and strength.  This mode of 
failure is typically associated with formation of vertical cracks in the vicinity of 
the lap-splice, which ultimately leads to debonding between the concrete cover 
and the spliced rebars along the lap splice. 

As presented above, lack of adequate amount of transverse reinforcement contributes to all 
modes of column failures during a seismic event.  Therefore, wrapping columns with CFRP 
composite jackets would prevent such failures.  However, it is important to note here that all 
modes of failure must be investigated and considered when designing a CFRP retrofit system 
since retrofitting for one deficiency may only change the mode of failure without improving the 
overall performance of the column.  Therefore, the thickness of the CFRP jacket along the height 
of the column may vary.   Fig. 92 and Fig. 93 show the forces and CFRP jacket regions for 
bridge column retrofit for single bending and double bending, respectively.  The CFRP jacket 
may have to be extended along the full height of the column to prevent shear failure, particularly, 
for short columns. 

 

Design of a seismic retrofit CFRP jacket depends on the type of structural deficiency.  The 
followings are general design guidelines for estimating the thickness of the CFRP jacket for the 
different column regions, (Seible et al, 1996). 

 
 
7.1 Seismic Shear Design of CFRP Jacket 
The shear failure of a column is a strength and dilation problem. Shear strength can be added to 
concrete columns by hoop or horizontal reinforcement of the FRP composites. The loss of 
aggregate interlock due to the opening of the inclined cracks can be controlled by the limitation 
of the column dilation in the loading direction (d < 0.004). The jacket thickness for shear 
strengthening can be determined based on the following equations for circular and for 
rectangular columns as; 
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Fig. 92 CFRP composite jacket for bridge column retrofit – Single Bending 
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Fig. 93  CFRP composite jacket for bridge column retrofit – Double Bending 
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Where, 
Vo= Column shear demand based on full flexural over-strength in the potential plastic hinges 

Φv= Shear capacity reduction factor (typically taken as 0.85) 

Vc, Vs, and Vp= Three shear capacity contributions from the concrete, horizontal steel 
reinforcement, and axial load based on the UCSD three-component shear model (Priestley et al 
1996) with reductions for the concrete component Vc in the flexural plastic region, based on the 
ductility demand 
Ef and D= Composite jacket modulus and the column dimension in the loading direction, 
respectively 
 
The proportional relationship for composite jacket thickness for shear retrofit can be expressed 
as; 
 

v
f

f C
DE

t
1*        Eq. 99 

 
Where, 
Cv= denotes the remaining general coefficient derived from the previously equations.  Appendix 
“K” presents an example for seismic shear strengthening of rectangular concrete column. 
 
 
7.2 Seismic Design of Flexural Hinge Confinement Jacket 
 
Inelastic deformation capacity of flexural plastic hinge regions can be increased by confinement 
of the column concrete with hoop reinforcement from a FRP jacket system. The required jacket 
thickness of circular columns can be written as; 

 

fufuf

cccu
f f

fD
t


 ')004.0(

09.0


     Eq.100 

 
Where, 
fcc’= Confined concrete compression strength that depends on the effective lateral continuing 

stress and the nominal concrete strength and can be conservatively taken as 1.5fc’ for 
most retrofit designs (Priestley et al. 1996) 

ffu and fu= Strength and deformation capacity of the composite jacket in the hoop direction 
Φf= flexural capacity reduction factor (typically taken as 0.9) 
cu= Ultimate concrete strain that depends on the level of confinement provided by the composite 

jacket and can be determined as; 
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With f representing the volumetric jacket reinforcement ratio.  In turn, cu can be obtained from 
 

uucu c       Eq.102 

 
Based on the ultimate section curvature Φu and the corresponding neutral axis depth cu, both of 
which can be determined from a sectional moment-curvature analysis and directly related to a 
structural member ductility factor as follows; 

 
 

 
 
Where,  
 
L= Represents the shear span to the plastic hinge 
Φy= Section yield curvature 
fsy and db= yield strength and bar diameter of the main column reinforcement (Priestley et 
al.1996) 
 
The proportional relationship for composite jacket for flexural hinge confinement retrofit can be 
expressed as; 
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D
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
     Eq.105 

 
Where, 
D= the column dimension in the loading direction.  Appendix “L” presents an example for 
seismic strengthening of rectangular concrete column with inadequate confinement. 
 
 
7.3 Seismic Design of Lap-Splice Clamping Jacket 
Lap splice clamping requires sufficient lateral pressure onto the splice region to prevent the 
concrete prisms that adhere to the starter bars and the column reinforcement to slip relative to 
each other. 
 
Limiting dilation strain levels to 0.001, the composite jacket thickness to ensure lap splice 
clamping can be derived as; 
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Where, 
fh= Represents the horizontal stress level provided by the existing hoop reinforcement in a 
circular column at a strain of 0.1% 
fl=  The later clamping pressure over the lap splice(Ls) 
p= Perimeter line in the column cross section along the lap-spliced bar locations 
n= number of spliced bars along p 
As= Area of one main column reinforcing bar 
cc= Concrete cover to the main column reinforcement with diameter db. 
 
In terms of a proportional relationship, the required composite jacket thickness is expressed as; 
 

s
f

s
f C

E

D
t        Eq.108 

 
Where, 
Ef= the jacket modulus in the hoop direction.  Appendix “M” presents an example for seismic 
strengthening of circular concrete column with inadequate lap splice in the longitudinal 
reinforcement. 
 

Appendices “A” through “M” present examples for retrofit of reinforced concrete bridge 
components with CFRP polymer composites, for both gravity and lateral load resisting members, 
as both types of members are affected by corrosion and require retrofit. 

 

7.4 DETAILING OF EXTERNALLY BONDED FRP REINFROCEMENT 
In general, detailing of externally bonded FRP reinforcement depends on the one or more of the 
followings: 

1. Geometry and type of  the concrete structural member, 

2. Quality and soundness of the concrete substrate, 

3. The condition of the surrounding environment, 

4. The direction of the tensile stresses in concrete, and 

5. The required amount of FRP tensile reinforcement 

 

Separation of an FRP system from the concrete substrate may be caused by one or more of the 
followings: 

 

1. Lack of adequate bond surface area (limited interface area), particularly, for 
multi-layer FRP system, 
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2. Poor concrete quality concrete substrate, which may result in tension-shear failure 
within the concrete substrate, and 

3. Corrosion activities, which may cause premature splitting crack in the plane of 
tension steel rebars, and complete separation of the FRP system along with the 
concrete cover. 

 

Based on several past research studies, the concrete substrate is the most critical link in an FRP 
strengthened concrete system.   Therefore, the concrete substrate should be thoroughly inspected 
and well prepared to receive the FRP system.  For bridges located in corrosive environments, 
including those subjected to deicing salts, FRP reinforcement should be anchored away from the 
existing steel reinforcing bars. 

 

In order to prevent premature failure of externally bonded FRP systems some general guidelines 
for detailing of FRP reinforcement should followed: 

1. FRP reinforcement should not be run continuous over an inside corner, 

2. Externally wrapped outside corners should be rounded to at least a radius of two 
inch, 

3.  Wherever splicing of FRP reinforcement is required, laminate overlap should 
have sufficient length,  

4. The individual layers of a multi-layered FRP system should not be terminate at 
one section, at least a 6.0 inch offset should be maintained, and  

5. For bond critical applications, FRP anchor systems should be used in corrosive 
environments. 

To ensure the continuity of the FRP reinforcement, laminate(s) may have to be spliced, which 
could be maintained by overlapping laminates to form a lap splice.  For uniaxial FRP 
reinforcement, the longitudinal axis of the lap splice should in the direction of the fibers.   The 
lap splice length depends on the tensile strength and thickness of the laminate, and the bond 
strength at the interface between the laminates.  The required lap splice length should be 
according to the manufacturer recommendations but no shorter than 12 inches. 
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ANALYSIS AND DESIGN OF CFRP STRENGTEHENED  

COCNRETE BRIDGE COMPONENTS 

 

 

Appendix “A” Flexural Strengthening of a Simply Supported reinforced Concrete Beam 

with Inadequate Flexural Tension Reinforcing Steel Rebars. 

 

Appendix “B” Flexural Strengthening of a Cantilever reinforced Concrete Beam with 

Inadequate Flexural Tension Reinforcing Steel Rebars. 

 

Appendix “C” Shear Strengthening of a Cantilever reinforced Concrete Beam with 

Inadequate Shear Reinforcement (Complete wrapping scheme). 

 

Appendix “D” Shear Strengthening of a Cantilever reinforced Concrete Beam with 

Inadequate Shear Reinforcement (Three side U-wrapping scheme). 

 

Appendix “E” Shear Strengthening of a Cantilever reinforced Concrete Beam with 

Inadequate Shear Reinforcement (Three side U-wrapping scheme – ignore 

the contribution of the existing transverse reinforcement). 

 

Appendix “F” Shear Strengthening of a Cantilever reinforced Concrete Beam with 

Inadequate Shear Reinforcement (Two side bonding scheme). 

 

Appendix “G” Shear Strengthening of a rectangular reinforced Concrete Column with 

Inadequate Shear Reinforcement (Complete wrapping scheme). 

 

Appendix “H” Shear Strengthening of a rectangular reinforced Concrete Column with 

Inadequate Shear Reinforcement (Complete wrapping scheme – ignore the 

contribution of the existing transverse reinforcement). 
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Appendix “I”   Axial Strengthening of a Circular reinforced Concrete Column with 

Inadequate Axial Load Carrying Capacity. 

 

Appendix “J”  Axial Strengthening of a Rectangular reinforced Concrete Column with 

Inadequate Axial Load Carrying Capacity. 

 

Appendix “K” Seismic Retrofit of a Rectangular Reinforced Concrete Column with 

Inadequate Shear Strength and Ductility. 

 

Appendix “L” Seismic Retrofit of a Rectangular Reinforced Concrete Column with 

Poorly Confined Plastic Hinge Regions. 

 

Appendix “M” Seismic Retrofit of a Circular Reinforced Concrete Column with 

Inadequate Lap Splice in the Longitudinal Steel Reinforcing Rebars. 
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MAINTENANCE AND REHABILITATION 

WITH FRP COMPOSITES 

 

 

NOTATIONS 

Af  = area of FRP reinforcement, in2 (mm2)  Af = n tf wf 
Afv  = area of FRP shear reinforcement within spacing s, in2 (mm2) 
Ag  = gross area of section, in2 (mm2) 
As  = area of non-prestressed steel reinforcement, in2 (mm2) 
b  = width of a rectangular cross-section, in (mm) 
c  = distance from extreme compression fiber to the neutral axis, in (mm) 
CE  = environmental reduction factor 
d  = distance from extreme compression fiber to the centroid of the non-prestressed steel 

tension reinforcement, in (mm) 
df  = depth of FRP shear reinforcement, in (mm) 
Ec  = modulus of elasticity of concrete, psi (MPa) 
Ef  = tensile modulus of elasticity of FRP, psi (MPa) 
Es  = modulus of elasticity of steel, psi (MPa) 
fc  = compressive stress in concrete, psi (MPa) 
fc  = specified compressive strength of concrete, psi (MPa) 

cf   = square root of specified compressive strength of concrete, psi (MPa) 

fcc  = apparent compressive strength of confined concrete, psi (MPa) 
ff  = stress level in the FRP reinforcement, ksi (MPa) 
ff,s  = stress level in the FRP caused by a moment within the elastic range of the member, 

psi (MPa) 
Ff,s  = creep rupture stress limit in the FRP, psi (MPa) 
ffe  = effective stress in the FRP, psi (MPa) 
f*

fu =  ultimate tensile strength of the FRP material as reported by the manufacturer, psi 
(MPa) 

ffu  = design ultimate tensile strength of FRP, psi (MPa) 

fuf  = mean ultimate tensile strength of FRP based on a population of 20 or more tensile 
tests per ASTM D 3039, psi (MPa) 

fl  = confining pressure due to FRP jacket, psi (MPa) 
fs  = stress in non-prestressed steel reinforcement, psi (MPa) 
fs,s  = stress level in non-prestressed steel reinforcement at service loads, psi (MPa) 
fy  = specified yield stress of non-prestressed steel reinforcement, psi (MPa) 
h  = overall thickness of a member, in (mm) 
k  = ratio of the depth of the neutral axis to the reinforcement depth 
kf = stiffness per unit width per ply of the FRP reinforcement, lb/in (N/mm) kf = Ef tf 
k1 = modification factor applied to v to account for the concrete strength 
k2 = modification factor applied to v to account for the wrapping scheme 
Le = active bond length of FRP laminate, in (mm) 
Mn  = nominal moment capacity, in-lbs (N-mm) 
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Ms  = moment within the elastic range of the member, in-lbs (N-mm) 
Mu  = moment demand based on factored loads, in-lbs (N-mm) 
n  = number of plies of FRP reinforcement 
p*

fu = ultimate tensile strength per unit width per ply of the FRP reinforcement, lb/in 
(N/mm) p*

fu = f*
fu tf 

Pn  = nominal axial load capacity at given eccentricity, lb (N) 
r = radius of the edges of a square or rectangular section confined with FRP, in (mm) 
Rn = nominal capacity of a member subjected to the elevated temperatures associated with 

a fire 
sf  = stirrup spacing or pitch of continuous spirals, in (mm) 
tf  = nominal thickness of one ply of the FRP reinforcement, in (mm) 
Tg  = glass transition temperature, °F (°C) 
Vc  = shear resistance provided by concrete with steel flexural reinforcement, lb (N) 
Vn  = nominal shear strength, lb (N) 
Vs  = shear resistance provided by steel stirrups, lb (N) 
Vf  = shear resistance provided by FRP stirrups, lb (N) 
Vu  = shear demand based on factored loads, lb (N) 
wf  = width of the FRP shear reinforcing plies, in (mm) 
  = angle of inclination of stirrups or spirals, degrees  
L  = longitudinal coefficient of thermal expansion, in/in/°F (mm/mm/°C) 
T  = transverse coefficient of thermal expansion, in/in/°F (mm/mm/°C)
1  = ratio of the depth of the equivalent rectangular stress block to the depth to the neutral 

axis 
b  = strain level in the concrete substrate developed by a given bending moment (tension 

is positive), in/in (mm/mm) 
bi  = strain level in the concrete substrate at the time of the FRP installation (tension is 

positive), in/in (mm/mm) 
c  = strain level in the concrete, in/in (mm/mm) 
cu  = maximum usable compressive strain of concrete, in/in (mm/mm)   
f  = Strain level in the FRP reinforcement, in/in (mm/mm)   
fe  = effective strain level in FRP reinforcement attained at section failure, in/in (mm/mm)
fu  = ultimate rupture strain of the FRP reinforcement, in/in (mm/mm) 
fu  = design rupture strain of FRP reinforcement, in/in (mm/mm) 

fu  = mean rupture strain of FRP reinforcement based on a population of 20 or more 
tensile tests per ASTM D 3039, in/in (mm/mm) 

s  = strain level in the mild steel reinforcement, in/in (mm/mm) 
sy  = strain corresponding to the yield point of non-prestressed steel reinforcement, in/in 

(mm/mm)
 = strength reduction factor 
 = Multiplier on f'c to determine the intensity of an equivalent rectangular stress 

distribution for concrete 
a = efficiency factor for FRP confinement (based on the section geometry) 
m  = bond dependent coefficient for flexure 
v  = bond dependent coefficient for shear 
f = FRP confinement reinforcement ratio 
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g = ratio of the area of longitudinal steel reinforcement to the cross-sectional area of a 
compression member 

  = standard deviation 
f = additional FRP strength reduction factor 
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Appendix “A” 

 

Flexural strengthening of a simply supported reinforced 

concrete beam with CFRP 

  
A simply-supported concrete beam reinforced with 5-#9 bars (see Figures A1 & A2 on Pages 498 & 499) is carrying 1.25 k/ft. dead load, and 1.5 
k/ft. live load.  Design a CFRP system to allow for an increase in the live load carrying requirements by 1.0 k/ft.  An analysis of the existing beam 
indicates that the beam still has sufficient shear strength to resist the new shear demand and meets the deflection and crack control serviceability 
requirements.  However its flexural strength is inadequate to carry the new live load.  Ignore the contribution of the compression steel rebars. 
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Loadings 

Dead Load 

ftkx
x

wGDL /50.015.00.1)
144

"30"16
(   

 
Supper imposed dead load: ftkwSDL /75.0  

 
Total dead load: ftkwDL /25.1  
 

Live Load 

ftkwLL /5.1  
 
New ftkwLL /5.2  
 

Service Loads 

 
Existing ftkwS /75.25.125.1   

New       ftkwS /75.35.225.1   

 

Factored Loads 

Existing ftkwu /30.4)5.1(7.1)25.1(4.1   

New       ftkwu /0.6)5.2(7.1)25.1(4.1   

 

Dead Load Moments (MDL) 

Existing ftkM DL  6.140
8

)30(25.1 2

 

New       ftkM DL  6.140  
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Service Load Moments (Ms) 

Existing ftkM S  4.309
8

)30(75.2 2

 

New       ftkM S  9.421
8
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Factored Load Moments (Mu) 
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New       ftkM u  0.675
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Loading/ Moments Existing New 
Dead Loads (wDL) 1.25 k/ft 1.25 k/ft 
Live Loads (wLL) 1.50 k/ft 2.50 k/ft 
Service Loads (wDL + wLL) 2.75 k/ft 3.75 k/ft 
Factored Loads (1.4wDL + 1.7wLL)  4.30 k/ft 6.00 k/ft 
Dead Load Moments (MDL) 140.6 k-ft 140.6 k-ft 
Service Load Moments (MS) 309.4 k-ft 421.9 k-ft 
Factored Load Moments (Mu) 483.8 k-ft 675.0 k-ft 
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Concrete and Steel Properties 
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Design of the Amount of CFRP 

 
Preliminary Estimate 
 

ind
a

h

ind
a

d

ind

inh

5.260.387.0)
2

(

5.23)27(87.087.0)
2

(

270.330

30








 

 



113 
 
 

layersUse

inin

in
N

layertb

A
layersplarkofNumber

inbUseinwidthBeam

inA

kftNewM

a
hf

a
dfA

M

A

a
hfA

a
dfAM

ff

f

f

f

u

fef

ss
u

f

feffssn

2

6.1
)0066.0)(14(

1479.0

/*
30Re

14,16

1479.0
)5.26)(000,481*85.0(85.0

)5.23)(65000(0.59.0/)000,12(675

9.0,675)(

)
2

(

)
2

(

)
2

()
2

(

2

2































 

 
 
 

00406.0)29.8)(00049.0(

29.8
5.4030

400,33

00049.0
)27)(14(

1848.0

1848.0)14)(0066.0)(2(

2

2









ff

c

f
f

f
f

fff

n

ksi

ksi

E

E
n

inin

in

bd

A

inininplieswtnA





 

 
 
 



114 
 
 

Determine the strain in concrete at the level of CFRP (Initial strain before the installation of 
CFRP) – εbi 
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Assuming that the Dead Load is the only load on the beam at the time the CFRP is applied. 
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Determine the bond-dependent coefficient of the CFRP system 
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In order to determine the nominal flexural capacity of the strengthened section we need to 
determine the location of the neutral axis at ultimate state. Of course, equilibrium, strain 
compatibility and material constitutive laws should be satisfied. 
 
To simplify the analysis, it is assumed that the concrete strain at the extreme compression fiber is 
equal to 0.003. 
 
Steps of analysis; 
 

1. Plot the strain distribution diagram and start with 003.0cu  

2. Assume the depth of the neutral axis, which is the distance from the extreme compression 
fiber to the neutral axis(c) 

3. Draw the strain distribution diagram. 
4. Calculate fes and   using similar triangles. 

5. Use the constitutive laws to calculate the stresses in the steel & CFRP )( fes fandf . 

Multiply the area of steel bars with fs to get Ts, and multiply ffe with Af to get Tfe. 
6. Use the equilibrium equation to determine the depth of the neutral axis (c), which was 

assumed in step 2. 
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Compare the calculated “c” in step 6 with the assumed “c” in step 2. 
If the calculated “c”, then go to step 7 and calculate Mn. Otherwise, go to step 2 and 
assume new “c”. 

7. Calculate Mn. 
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The procedure shown above is true for analysis of reinforced concrete beam reinforced 
tension steel bars only, and strengthened with CFRP sheets on the tension side only. 
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Assume “c” the depth of the neutral axis. 
 
Say, c  = 0.25 d 
Therefore, c = 0.25(27 in) = 6.75 in 
 
Draw the Strain Distribution Diagram. 
 
Calculate the steel strain “εs” 
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Calculate the CFRP strain “εfe” 
 
From the strain distribution diagram 
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Calculate the stress level in the CFRP  
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Calculate the depth of the neutral axis “c” 

 
Use the equilibrium equation, 
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Calculate the nominal flexural strength “Mn” 
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Check service stresses in the reinforcing steel and the CFRP 

 
We need to determine the depth of the elastic neutral axis for a reinforced section 
strengthened with CFRP. 
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Stress in steel under service load “fs,s” 
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Stress in CFRP under service load “ff,s” 
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Appendix “B” 

 

Flexural strengthening of a reinforced concrete  

cantilever beam with CFRP 
 A cantilever concrete beam reinforced with 10#10 bars (see Figures B1-B3 on Pages 500-502) is carrying 1.95 k/ft. dead load, and 44.13 k/ft. 
live load.  Design a CFRP system to allow for an increase in the dead and live load carrying requirements by 0.2 k/ft. and 4.41 k/ft, respectively.  
An analysis of the existing beam indicates that the beam still has sufficient shear strength to resist the new shear demand and meets the deflection 
and crack control serviceability requirements.  However its flexural strength is inadequate to carry the new loads.  Ignore the contribution of the 
compression steel rebars. 
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Nominal flexural capacity of the concrete section without CFRP 
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Loadings 
 

Dead Load 
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"48"24
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Supper imposed dead load: ftkwSDL /75.0  

 
Total dead load:        ftkwDL /95.1  

New total dead load: ftkwDL /15.2  
 

Live Load 

 
Existing ftkwLL /13.44  

New      ftkwLL /54.48  
 

Service Loads 

 
Existing ftkwS /08.4613.4495.1   

New       ftkwS /69.5054.4815.2   
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Factored Loads 

 
Existing ftkwu /75.77)13.44(7.1)95.1(4.1   

New       ftkwu /52.85)54.48(7.1)15.2(4.1   

 

Dead Load Moments (MDL) 

 

Existing ftkM DL  4.62
2

)8(95.1 2

 

New       ftkM DL  6.68
2

)8(15.2 2

 

 

Service Load Moments (Ms) 

 

Existing ftkM S  6.1474
2

)8(08.46 2

 

New       ftkM S  8.1621
2

)8(68.50 2

 

 
 
Factored Load Moments (Mu) 
 

Existing ftkM u  0.2488
2

)8(75.77 2

 

New       ftkM u  6.2736
2

)8(52.85 2

 

 
Loading/ Moments Existing New 
Dead Loads (wDL) 1.95 k/ft 2.15 k/ft 
Live Loads (wLL) 44.13 k/ft 48.54 k/ft 
Service Loads (wDL + wLL) 46.08 k/ft 50.68 k/ft 
Factored Loads (1.4wDL + 1.7wLL)  77.75 k/ft 85.52 k/ft 
Dead Load Moments (MDL) 62.4 ft-k 68.6 ft-k 
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Service Load Moments (MS) 1474.6 ft-k 1621.8 ft-k 
Factored Load Moments (Mu) 2488.0 ft-k 2736.6 ft-k 
 
 
 
 
 
CFRP Material 
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Concrete and Steel Properties 
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Design of the Amount of CFRP 
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Determine the strain in concrete at the level of CFRP (Initial strain before the installation of 
CFRP) – εbi 
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Assuming that the Dead Load is the only load on the beam at the time the CFRP is applied. 
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Determine the bond-dependent coefficient of the CFRP system 
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In order to determine the nominal flexural capacity of the strengthened section we need to 
determine the location of the neutral axis at ultimate state. Of course, equilibrium, strain 
compatibility and material constitutive laws should be satisfied. 
 
To simplify the analysis, it is assumed that the concrete strain at the extreme compression fiber is 
equal to 0.003. 
 
Steps of analysis; 
 

1. Plot the strain distribution diagram and start with 003.0cu  

2. Assume the depth of the neutral axis, which is the distance from the extreme compression 
fiber to the neutral axis(c) 

3. Draw the strain distribution diagram. 
4. Calculate fes and   using similar triangles. 

5. Use the constitutive laws to calculate the stresses in the steel & CFRP )( fes fandf . 

Multiply the area of steel bars with fs to get Ts, and multiply ffe with Af to get Tfe. 
6. Use the equilibrium equation to determine the depth of the neutral axis (c), which was 

assumed in step 2. 
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Compare the calculated “c” in step 6 with the assumed “c” in step 2. 
If the calculated “c”, then go to step 7 and calculate Mn. Otherwise, go to step 2 and 
assume new “c”. 

7. Calculate Mn. 
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The procedure shown above is true for analysis of reinforced concrete beam reinforced 
tension steel bars only, and strengthened with CFRP sheets on the tension side only. 

 
 
Assume “c” the depth of the neutral axis. 
 
Say, c  = 0.25 d 
Therefore, c = 0.25(44.23 in.) = 11.06 in. 
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Draw the Strain Distribution Diagram. 
 
Calculate the steel strain “εs” 
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Calculate the CFRP strain “εfe” 
 
From the strain distribution diagram 
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Calculate the stress level in the CFRP  
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Calculate the depth of the neutral axis “c” 

 
Use the equilibrium equation, 
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Calculate the nominal flexural strength “Mn” 
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Check service stresses in the reinforcing steel and the CFRP 

 
We need to determine the depth of the elastic neutral axis for a reinforced section 
strengthened with CFRP. 
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Stress in steel under service load “fs,s” 
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Stress in CFRP under service load “ff,s” 
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Appendix “C” 

Shear Strengthening of a reinforced concrete cantilever beam with CFRP 
(ignoring internal steel shear reinforcement):  

Completely wrapping scheme 

 
A reinforced concrete cantilever beam is transversely reinforced with #3@12” shear 

reinforcement, (see Figures C1 & C2 on Pages 503 & 504).   The beam section is subjected to an 

ultimate shear force of 192.4 kips.  Assume that the internal shear rebars are corroded, and do not 

provide any shear resistance.  Design a CFRP shear reinforcement system to resist the external 

ultimate shear force.  Use a complete wrapping scheme. 
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Step 1 Compute the design material properties. 
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Step 2 Calculate the effective strain level in the CFRP shear reinforcement for the completely 

wrapping scheme. 

 
..0108.075.0004.0 KOfufe    

 
 
 
Step3 Calculate the contribution of the CFRP reinforcement to the shear strength. 
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Step 4 Calculate the shear strength of the section. 

 
Ignore the internal shear reinforcement due to corrosions. 
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Appendix “D” 

Shear Strengthening of a reinforced concrete cantilever beam with CFRP 
(considering internal steel shear reinforcement):  

U-shape wrapping scheme 

 

A reinforced concrete cantilever beam is transversely reinforced with #3@12” shear 

reinforcement, (see Figures C1 & C2 on Pages 501 & 502).   The beam section is subjected to an 

ultimate shear force of 192.4 kips.  Design a CFRP shear reinforcement system to resist the 

external ultimate shear force.  Use a U-shaped wrapping scheme. 
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Step 1 Compute the design material properties. 
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Step 2 Calculate the effective strain level in the CFRP shear reinforcement for the completely 

wrapping scheme. 

 

   

   
  

  ..004.00040.0)0144.0(278.0

..75.0278.0
0144.0468

33.1970.045.1

468

970.0
625.44

33.1625.44

45.1
4000

7000

4000

'

33.1
334000000066.02

25002500

21

2

3/23/2
1

58.0

KOk

KO
Lkk

k

d

Ld
k

f
k

in
Ent

L

fuvfe

fu

e
v

f

ef

c

ff

e





















 

 
 
 
Step3 Calculate the contribution of the CFRP reinforcement to the shear strength. 
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Step 4 Calculate the shear strength of the section. 

 
Ignore the internal shear reinforcement due to corrosions. 
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Appendix “E” 

 

Shear Strengthening of a reinforced concrete cantilever beam with CFRP 
(ignoring internal steel shear reinforcement):  

U-shape wrapping scheme 

A reinforced concrete cantilever beam is transversely reinforced with #3@12” shear 

reinforcement, (see Figures C1 & C2 on Pages 501 & 502).   The beam section is subjected to an 

ultimate shear force of 192.4 kips.  Assume that the internal shear rebars are corroded, and do not 

provide any shear resistance.  Design a CFRP shear reinforcement system to resist the external 

ultimate shear force.  Use a U-shaped wrapping scheme. 
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Step 1 Compute the design material properties. 
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Step 2 Calculate the effective strain level in the CFRP shear reinforcement for the completely 

wrapping scheme. 
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Step3 Calculate the contribution of the CFRP reinforcement to the shear strength. 
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Step 4 Calculate the shear strength of the section. 

 
Ignore the internal shear reinforcement due to corrosions. 
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Appendix “F” 
 

Shear Strengthening of a reinforced concrete cantilever beam with CFRP 
ignored internal shear reinforcement:  

Two-side bonded scheme 

 
A reinforced concrete cantilever beam is transversely reinforced with #3@12” shear 
reinforcement, (see Figures C1 & C2 on Pages 501 & 502).   The beam section is subjected to an 
ultimate shear force of 192.4 kips.  Assume that the internal shear rebars are corroded, and do not 
provide any shear resistance.  Design a CFRP shear reinforcement system to resist the external 
ultimate shear force.  Use a two-sided FRP reinforcement scheme. 
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Step 1 Compute the design material properties. 
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Step 2 Calculate the effective strain level in the CFRP shear reinforcement for the completely 

wrapping scheme. 
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Step3 Calculate the contribution of the CFRP reinforcement to the shear strength. 
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Step 4 Calculate the shear strength of the section. 

 
Ignore the internal shear reinforcement due to corrosions. 
 

  
     .4.1924.19606.6185.002.17985.0

2.179625.4424)7000(2'2

0

85.085.0

GoodkipsVkipsVVVV

kipsbdfV

kips
s

dfA
V

and

uffscn

cc

yv
s

f













 

  



151 
 
 

 

  



152 
 
 



153 
 
 

Appendix “G” 
 

Column Shear Strengthening with CFRP  

(considering internal steel shear reinforcement):  

 

Complete wrapping scheme 

 
A 24” x 48” rectangular column is longitudinally reinforced with 10# 10 rebars, and transversely 

reinforced with #4@8.0 inches., (see Figure G1 on Page 505).  Design a CFRP shear 

reinforcement system to allow the column to resist a 25% increase over its existing ultimate 

shear strength. 

 
Given Values 

inb

ind

inh

ininA

inbarsA

ksipsiE

ksipsifE

ksipsif

f

ksipsif

v

s

s

cc

y

c

c
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48

4.0)8@4(#

7.12)10#10(

2900029000000

5.40304030508'57000

6565000
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1000

)4000'(05.0
85.0

55000'

2

2

1
























 

 
Step 1 Compute the design material properties. 
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29.8
5.4030

33400

481480960

0144.0*

017.0*

3340033400000

0066.0

exp85.0














c

f
f

ffufu

fuEfu
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f

f

E

E

E
n

ksipsiEf

C

ksipsiE

layeraint

osureexterioroffactormentalforEnvironC





  

 
Step 2 Calculate the effective strain level in the CFRP shear reinforcement for the completely 

wrapping scheme. 

 
..0108.075.0004.0 KOfufe    

 
 

Step 3 Calculate the shear strength of the section. 

 
 

  
   

kipsVVVV

kipsV

strengthshearoriginalofIncrease

CFRPwithoutkipsVVV

kipsbdfV

assumedkipsN

kips
s

dfA
V

and

scnu

n

scn
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u

yv
s

f

3.63)(25.1

7.31625.1

.%25

)(4.2538.1453.15285.0

3.152865.4424)5000(2'2

0

8.145

95.085.0





















 

 
 
Step 4 Calculate the contribution of the CFRP reinforcement to the shear strength. 
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   
2,

,

,

01.0
4833400004.0

4.78

4.78
)95.0)(85.0(

3.63
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s

dE

sV
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kips
V

V

f
f

fffe

freqdf
reqdfv

u
reqdf











 

 
 
Step 5 Determine the number of plies and strip width and spacing. 
 

1

):(93.0
))(0066.0(2

01.0

2
,





n

wrappedyContinuoulws
w

s

wt

A
n ff

f

f

ff

reqdf

 

 
Use one ply (n=1) continuously along the height of the column. 
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Appendix “H” 

Column Shear Strengthening with CFRP 

(ignoring internal steel shear reinforcement):  

Complete wrapping scheme 

 
A 24” x 48” rectangular column is longitudinally reinforced with 10# 10 rebars, and transversely 

reinforced with #4@8.0 inches., (see Figure H1 on Page 506).  Assume that the internal shear 

rebars are corroded, and do not provide any shear resistance.  Design a CFRP shear 

reinforcement system to resist an ultimate shear force of 253.4 kips. 

 
 
Given Values 

inb
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inh
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






















 

 
Step 1 Compute the design material properties. 
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Step 2 Calculate the effective strain level in the CFRP shear reinforcement for the completely 

wrapping scheme. 

 
..0108.075.0004.0 KOfufe    

 
 

Step 3 Calculate the shear strength of the section. 

 
Ignore the internal shear reinforcement due to corrosions. 
 

 

 
 
 
Step 4 Calculate the contribution of the CFRP reinforcement to the shear strength. 

 

   
2,

,

,

02.0
4833400004.0

49.153

49.153
)95.0)(85.0(
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A
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f
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fffe
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f
reqdf











 

 
 
Step 5 Determine the number of plies and strip width and spacing. 
 

  
 

kipsVVVV

kipsV

kipsV

kipsV

kipsbdfV
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kips
s
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0

0
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
















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2
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Use two plies (n=2) continuously along the height of the column. 
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Appendix “I” 

 

Retrofit of a Circular Concrete Column 
(Increasing axial capacity of the concrete column) 

 
 
A circular column is constructed of concrete of a uniaxial compressive strength of fc’= 4 ksi. The 
column diameter is 18 inches, and reinforced with 10#10 longitudinal deformed steel bars and #3 
spiral hoop. Please see Figure I1 on Page 507. 
 
The applied loads on the column are as follows; 
 

- Dead load : 280 kips 
- Live load  : 300 kips 

 
  Due to changes in the use of the structure, the column is required to carry 40% 

more axial live load. Determine the amount of CFRP composite to be used as a column 

continuous wrap to achieve the requirement. Assume there is no column moment. 

 

CFRP composite properties 

 
- tf = 0.0066 in a layer 
- Ef = 33400 ksi 
- *fu = 0.017 in/in (Provided by manufacturer) 
- CE = 0.85 (Environmental Exposure Reduction Factor for Exterior CFRP) 
 
 

Calculate existing column capacity 

 

kipsP

bACIcolumnorcedrespiralfor

ininbarsA

in
ind

A

ACIAfAAfP

Existingn

st

g

stystgcExistingn

9.1009)]7.12)(60()7.125.254)(4(85.0)[75.0(85.0

)2.2.3.9318(inf75.0

7.12)27.1)(10(

5.254
4

)18(

4

)1.5.3.10(])('85.0[85.0

)(

22

2
22

)(
















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Required ultimate column capacity 

 

kipsPkipsP

kipskipskipsPPP

Existingndqn

dqLLdqDLdqn

9.10091106

1106)300)(4.1)(7.1()280)(4.1()(7.1)(4.1

)(.)'(Re

.)'(Re.)'(Re.)'(Re








 

Strengthening of column required 
 
 
 

Check existing column capacity versus reduced factored demand 

 

.

840)420280(2.19.1009

)(2.1 .)'(Re)'(Re)(

ingstrengthenforeligibleisColumn

kipskipskipskips

PPP dqLLdqDLExistingn






 

 
 

General axial capacity equation for spirally reinforced column 

 

95.0

])('85.0[85.0





f

stystgccfn

factorreductionFRPUse

AfAAfP




 

 
 

Calculate apparent concrete confining strength due to CFRP column wrap 
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ksiksi
f

f

f

f
ff

fufe

f
f

a

ffefa
L

L

c

L

c

L
ccc

/011.0)/0144.0(75.075.0004.0
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0.1
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2
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4
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4
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9.7125.2)[4(]25.12

'
9.7125.2[''



















 
 
 

Calculate strengthened column axial capacity 

 

 
!11061133

]7.12)60()7.125.254)(2.5)(95.0)(85.0)[(75.0)(85.0(

])('85.0[85.0

GoodkipskipsP

ksiksi
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n

stystgccfn










 

 
Use 2 layers of CFRP composite sheets around column. 
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Appendix “J” 

Retrofit of a Rectangular Concrete Column 
(Increasing axial capacity of the concrete column) 

 
 
A rectangular column is constructed of concrete of a uniaxial compressive strength of fc’= 4 ksi. 
The column is 18” by 30”, and reinforced with 10#10 longitudinal deformed steel bars and 
transversely reinforced with #3 tied hoops.  Please see Figure J1 on Page 508. 
 
The applied loads on the column are as follows; 
 

- Dead load : 380 kips 
- Live load  : 400 kips 

 
 Due to changes in the use of the structure, the column is required to carry 40% 

more axial live load. Determine the amount of CFRP composite to be used as a column 

continuous wrap to achieve the requirement. Assume there is no column moment. 

 

CFRP composite properties 

 
- tf = 0.0066 in a layer 
- Ef = 33400 ksi 
- *fu = 0.017 in/in (Provided by manufacturer) 
- CE = 0.85 (Environmental Exposure Reduction Factor for Exterior CFRP) 
 

Calculate existing column capacity 

 

kipsP

bACIcolumnorcedretiedfor
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inbhA

ACIAfAAfP
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st

g

stystgcExistingn

7.1430)]7.12)(60()7.120.540)(4(85.0)[70.0)(8.0(
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
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Required ultimate column capacity 

 

kipsPkipsP

kipskipskipsPPP

Existingndqn

dqLLdqDLdqn

7.14300.1484

0.1484)400)(4.1)(7.1()380)(4.1()(7.1)(4.1
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.)'(Re.)'(Re.)'(Re








 

Strengthening of column is required 

Check existing column capacity versus reduced factored demand 

 

.

1128)560380(2.17.1430

)(2.1 .)'(Re)'(Re)(

ingstrengthenforeligibleisColumn

kipskipskipskips

PPP dqLLdqDLExistingn






 

 

General axial capacity equation for spirally reinforced column 

 

95.0

])('85.0[80.0





f

stystgccfn

factorreductionFRPUse

AfAAfP




 

 

Calculate apparent concrete confining strength due to CFRP column wrap 
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










 

Calculate strengthened column axial capacity 

 

 
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
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Use 2 layers of CFRP composite sheets around column. 
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Appendix “K” 

Seismic Retrofit of a Rectangular Concrete Column 
With Inadequate Shear Strength 

 
 
Figure K1 and K2 (on Pages 509 & 510) show the detail of a rectangular reinforced concrete 
column.  It is required to provide the column with a carbon fiber reinforced jacket to convert the 
brittle shear failure to a ductile flexural failure with a target member displacement ductility of Δ 
≥ 8.   
 
    

Shear Strength Requirement 
 
Maximum expected plastic shear demand including over-strength Vo equals  
 

kN
L

M
VV yl

ylo 6.771
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mmsMPafmmdGradeorcementreTransverse

MPafmmdGradeofbarsorcementrealLongitudin

MPastrengthConcretefmmerConcretecc

mwidthColumnBmdepthColumnD

mspanshearofLengthLmcolumnofHeightH




  

 
The jacket thickness inside the plastic-hinge region (ti

v) and outside the plastic-hinge region (to
v) 

can be determined as; 
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
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
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Flexural Plastic-Hinge Confinement Requirements 

 
The confinement of the plastic hinge region was designed using a rectangular jacket with twice 
the jacket thickness required for an equivalent circular jacket with an effective diameter De of 
753 mm. 

 
Plastic hinge length (Lp) 

mmxxdfLL bsyp 24722*16.303022.0125080.0022.008.0   

The required curvature ductility equals 
 

14
)]1250/247(5.01)[1250/247(3

18
1 




  

 
The required ultimate strain is 
 

0089.0)115.0)(0055.0)(14(  uyuucu cc   

 
The jacket thickness required to provide this ultimate concrete strain determined as; 
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Where,  
tc1 and tc2 are the jacket thickness in the primary and secondary confinement regions, 
respectively. Because L/D = 2.0 < 4.0, the anti-bar buckling criteria is not necessary to be 
checked check.  
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Summary of Jacket Thickness Specifications 
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Appendix “L” 

Seismic Retrofit of a Rectangular Concrete Column 
With Poorly Confined Plastic Hinge Regions 

 

 

Figure L1 and L2 (on Pages 511 & 512) show the detail of a rectangular reinforced concrete 
column with poorly confined plastic hinge regions.  It is required to provide the column with a 
carbon fiber reinforced jacket to confine the plastic hinge regions and increase the column 
ductility to a target member displacement ductility of Δ ≥ 6.   
    

Shear Strength Requirement 
 
Maximum expected plastic shear demand including over-strength Vo equals  
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The jacket thickness inside the plastic-hinge region (ti

v) and outside the plastic-hinge region (to
v) 

can be calculated as; 
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Outside the plastic hinge region, the nominal shear capacity is greater than the factored ideal 
shear capacity, so no shear retrofit is necessary in this column region.  

 

Flexural Plastic-Hinge Confinement Requirements 

 
The confinement of the plastic hinge region was designed using a rectangular jacket with twice 
the jacket thickness required for an equivalent circular jacket with an effective diameter De of 
901 mm. 

 
Plastic hinge length (Lp) 
 

mmxxdfLL bsyp 48725*16.303022.0400080.0022.008.0   

 
The required curvature ductility equals 
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The required ultimate strain is 
 

021.0207.00055.021  xxcc uyuucu   

 
The jacket thickness required to provide this ultimate concrete strain determined as; 
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Where,  
tc1 and tc2 are the jacket thickness in the primary and secondary confinement regions, 
respectively.  
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Summary of Jacket Thickness Specifications 
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Appendix “M” 

Seismic Retrofit of a Circular Concrete Column 
With Inadequate Lap Splice in the Longitudinal Steel Rebars 

 
 
 
Figure M1 and M2 (on Pages 511 & 512) show the detail of a circular reinforced concrete 
column with inadequate lap splice in the longitudinal reinforcement.  It is required to provide the 
column with a carbon fiber reinforced jacket to confine the lap splice region to develop the full 
column capacity at a target member displacement ductility of Δ = 8. 
    

Shear Strength Requirement 
 
Maximum expected plastic shear demand including over-strength Vo equals  
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The jacket thickness inside the plastic-hinge region (ti

v) and outside the plastic-hinge region (to
v) 

can be determined as; 
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Outside the plastic hinge region, the nominal shear capacity is greater than the factored ideal 
shear capacity, so no shear retrofit is necessary in this column region.   

  

Flexural Plastic-Hinge Confinement Requirements 

 
The confinement of the plastic hinge region was designed using a rectangular jacket with twice 
the jacket thickness required for an equivalent circular jacket with an effective diameter De of 
625 mm. 

 
Plastic hinge length (Lp) 
 

mmxxdfLL bsyp 46722*16.303022.0400080.0022.008.0   

 
The required curvature ductility equals 
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The required ultimate strain is 
 

0299.0210.00064.022  xxcc uyuucu   

 
The jacket thickness required to provide this ultimate concrete strain determined as; 
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Where,  
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tc1 and tc2 are the jacket thickness in the primary and secondary confinement regions, 
respectively. 
 

Lap-splice Clamping Requirements 

 
The available lateral clamping pressure provided by the hoop reinforcement fh equals 0.165 MPa 
(0.024 ksi). The required clamping pressure to prevent lap splice debonding can be found as; 
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The carbon jacket thickness can be determined as; 
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Summary of Jacket Thickness Specifications 
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